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As light and efficient large-span space structures, beam string structures have been widely used since the 1980s. Within them, cables are the main force-bearing component; their level of tension determines the overall stiffness, performance and structural safety of the beam string structures. Real-time monitoring of the cable force during the construction and service periods is an important and effective measure to ensure the safety of the cable structure. At present, the vibration method is widely used in nearly all common engineering practices for cable force identification/monitoring because of its simplicity and efficiency. However, the vibration of the cable segment will be affected by the whole structure, so the cable force-frequency relationship based on the simple single cable model cannot meet the accuracy requirement of cable force identification of the beam string structure. Therefore, in this paper, through finite element simulation and theoretical analysis, a three-stage criterion is proposed to develop a new method for obtaining the local modal information of the tensioned cable segment where the influence of the overall structure is considered. The new method’s performance was compared with the results obtained by the vibration method according to the single-cable model assumption, and the design values of the cable forces. The magnitude of the error in the identification of the tension force of the beam string structure according to the single-cable model was studied to provide a correction method, so that the single-cable model assumption can be used to improve the measuring efficiency and ensure the solution accuracy. The numerical results show the effectiveness of the proposed method. The work of this paper provides a new approach for improving the identification accuracy of the vibration method of a complex cable system such as the beam string structure and is a useful discussion on the vibration method of complex cable systems.
Keywords: beam string structure, vibration method, cable tension identification, local modes, spatial structure
1 INTRODUCTION
As society develops, the demand for public space is increasing rapidly. Such demand has driven the development of building structure systems, especially spatial structures. As one of the large-span spatial structure systems, the beam string structure has superior mechanical performance. The cables and upper rigid members work together to give full play to the tensile performance of the cable, so that the overall rigidity of the structure is significantly improved. Under loading, the deflection of the structure is much smaller than that of traditional structures; the cable provides the span support point for the superstructure through the upper strut, which reduces the bending moment value in the section of the superstructure and reduces the amount of steel used. When the upper part is an arched structure, the cable can balance the horizontal thrust of the arched structure at the support so that the structure has good self-balancing performance.
Due to these functional advantages, the beam string structure is widely used in engineering. For example, the Japanese Green Dome Maebashi Gymnasium built in 1990 and the Japanese Urayasu Municipal Sports Center built in 1995, which consists of seven two-span continuous beam string structures (Saitoh and Okada, 1999). The Shanghai Pudong International Airport Terminal 1, built in 1999 (Chen et al., 1999), is a prominent example of a large-span stretched beam string structure (Figure 1). The Pudong Airport T2 terminal (Wang et al., 2007) built in 2006 also adopts the beam string structure, which is a three-span continuous plane structure (Figure 2). The vertical stress structure of the main exhibition hall of the Guangzhou International Convention and Exhibition Center (Sun et al., 2003) built in 2002 is a string truss structure with a span of 126.6 m. The National Indoor Stadium of China (Qin et al., 2007) was built for the 2008 Olympics and the roof covers an area of 144 m × 144 m and is a two-way beam string structure.
[image: Figure 1]FIGURE 1 | T1 terminal for Shanghai Pudong International Airport.
[image: Figure 2]FIGURE 2 | T2 terminal for Shanghai Pudong International Airport.
In addition to the traditional beam string structure, new variants are also emerging. For example, the Swiss Montreux parking lot was built in 2004, and the British Lawn Tennis Association tennis court was built in 2010 using a gas-supported string structure. The upper part of the structure uses rigid rods, the middle part uses low-pressure inflatable airbags instead of traditional struts, and the lower chord uses tension cables.
The tension degree of the cable, which is the main force-bearing member of the structure, directly determines the overall stiffness and structural safety of the string structure. Therefore, real-time monitoring of the cable force during the construction and service periods is essential to ensure the safety of the cable structure. To avoid accidents, Structural Health Monitoring (SHM) for monitoring and evaluation of completed cable structures has emerged and has been implemented worldwide (BrownjohnPines and Aktan, 2002; Yun et al., 2003;, 2007). According to current research data, cable force detection methods mainly include the magnetic flux method (Cappello et al., 2018; Duan et al., 2015; Fabo et al., 2002), the strain gauge method (Volokhov et al., 2016; Moradi and Sivoththaman, 2013) and the vibration method (Furukawa et al., 2022; Ma et al., 2021; Kangas et al., 2012; Fang and Wang, 2012; Mehrabi, 2006).
The vibration method has become one of the most commonly used cable force testing methods in engineering because of advantages such as repeatable installation and use at any time, monitoring cost, high measurement result accuracy, simple instrument operation, and convenient practical application. However, there are two factors that affect the accuracy of the cable force test results during the implementation of this method. One is the test accuracy of the natural vibration frequency of the cable segment, and the other is the accuracy of the conversion relationship between the natural vibration frequency and the cable force (Geier et al., 2006). The degree of accuracy is closely related to the degree of model simplification. The more the calculation model conforms to the actual structure, the higher the degree of accuracy. Therefore, research into the vibration method has been an evolutionary process from simplified model to more and more representative of the actual structure. However, for the problem of cable force identification of cable segments, the single-cable model is the most used in engineering and theoretical research, and the research on cable force identification is also based on the single-cable model.
In the 18th century, Brook Taylor, D′ Alembert and Daniel Bernoulli put forward the theory of string vibration, and Bernoulli (1732) and Euler (1781) began to study the lateral vibration of strings successively, determining the solution of the vibration frequency. In 1974, Irvine and Caughey began to consider the elasticity of the cable and deeply studied the effect of sag on the in-plane vibration characteristics of the cable but did not consider the bending stiffness. In the subsequent research on bending stiffness, Tadayuki (1994) proposed a method for estimating the cable force by using high-order frequencies, considering the effects of the bending stiffness, sag and inclination of the cable at the same time. He deduced the cable vibration equation considering the bending stiffness of the cable, but the nonlinear equation needs to be solved by computer, which is not convenient for engineering. Hiroshi et al. (1980) proposed a practical formula for the vibration method using the natural frequency of the low-order mode, considering the influence of the bending stiffness and sag effect of the steel cable. Byeong and Taehyo (2007) proposed a new technique to estimate cable tension force from measured natural frequencies. The proposed method is able to simultaneously identify tension force, flexural rigidity, and axial rigidity of a cable system. Furthermore, it is observed that the flexural rigidity of a cable with high bending stiffness is proportional to the applied tension force. Humar (2012) regarded the cable as a beam subjected to axial force, considering the bending stiffness and ignoring the sag effect, and obtained the cable force expression of the cable hinged at both ends by beam theory. Mehrabi and Tabatabai (1998) used a new numerical algorithm to obtain the solution value of the cable under the influence of bending stiffness, sag effect and damping. Zarbaf et al. (2018) proposed a simple novel framework to estimate the cable tension based on Artificial Neural Networks (ANNs). The method takes into account the cable axial stiffness and cable bending stiffness. It was shown that, for the new Ironton-Russell Bridge, using cable length, cable mass per unit length, cable axial stiffness, and the first two cable natural frequencies as input features to ANNs, the cable tensions can be accurately estimated. In a study by Nam and Nghia (2011), the characteristic equation for vibration of the most general case of a cable is analytically derived, where both the sag and flexure in the cable are taken into account. After that, by considering proper simplifying assumptions of the small flexural rigidity parameter, asymptotic forms of that equation were obtained. It renders a practically applicable procedure to estimate cable tension using measured natural frequencies.
As for the boundary conditions, Rebecchi et al. (2013) presented an experimental procedure for the axial load identification of slender prismatic beams with unknown boundary conditions by making use of one vibration frequency and five amplitudes of the corresponding mode shape. Yan et al. (2014) proposed an innovative method for cable force identification which converts constructing and solving the cable motion equation into finding the zero-amplitude point of its mode shape. The results showed that when the modal order is less than 18, the method can achieve a maximum relative error of less than 5% regardless of the boundary conditions at both ends. Syamsi et al. (2022) extended the two-mode frequency approach by introducing equivalent effective length for any mode pairs regardless of the type of end-restraints. To verify the proposed formula, three cases of cable end-restraints (hinged-hinged, fixed-fixed and hinged-fixed) with the same tensioning force and cross-sectional properties were studied.
The single-cable model is convenient and highly efficient in engineering, so the single-cable model is irreplaceable in practical engineering applications. After deriving theoretical formulas and fitting experimental data, researchers proposed a series of empirical formulas based on the single-cable model, considering the simplicity of engineering applications. For example, Hiroshi et al. (1980) gave a series of empirical formulas for cables with different slenderness ratio ranges to meet engineering needs under different conditions. Ricciardi and Saitta (2008) considered the effects of bending stiffness and sag in the formula and proposed a practical formula for continuous cables.
In the above studies, theoretical research is carried out based on the single-cable model for the problem of cable identification. However, the identification accuracy of the single-cable vibration method is very dependent on the accuracy of the basic model of the cable and the assumption of boundary constraints. The string structure is a hybrid structure of rigidity and flexibility, in which the end restraint stiffness of the cable members is related to the distribution of the cable force. Therefore, the constraints of the cable are difficult to determine. Moreover, many cables exist in actual engineering in the form of continuous and multi-strand cables, so the cable model’s bending stiffness and boundary constraints that are assumed to be in the form of single cables may deviate greatly from the actual situation. In order to use the assumption of the single-cable model to improve efficiency, we believe that it is necessary to improve the accuracy of the cable force identification results based on the single-cable model for the tensioned string structure.
To make the cable force identification of the string structure more accurate by using the single-cable model, this paper intends to conduct a modal analysis of the overall structure of the string beam by means of finite element numerical simulation and theoretical analysis. The three-stage criterion method is proposed and used to obtain the local modal information of the cable under the influence of the overall structure. After mastering the real local vibration characteristics of the cable, the difference between the cable force identification results based on the vibration method are compared with the design cable force based on the assumption of a single-cable model. This method can be used to study the magnitude of the error caused by the calculation of the cable force of the tension-string structure based on the single-cable model assumed with different boundary conditions. The three-stage criterion is beneficial to put forward suggestions for improving the cable force identification accuracy of the vibration method single-cable model of the existing string structure. It will enable the single-cable model assumption to be used to simultaneously improve the efficiency and ensure the solution accuracy. The work of this paper is a useful discussion on the identification of the vibration method of complex cable systems, such as the beam string structure.
2 VIBRATION METHOD CABLE FORCE IDENTIFICATION PRINCIPLE
The principle of the vibration method is to 1) use a vibration converter to pick up the vibration signal of the cable that has received artificial excitation or environmental excitation; 2) analyze and process the vibration signal to obtain the natural vibration frequency of the cable; 3) calculate the cable force according to the relationship between the cable force and the natural vibration frequency. The string model and beam model are the main existing cable force identification models for a single cable.
2.1 String model and formula
For slender cables with small cross-sectional areas and large lengths, the influence of bending stiffness, sag and other factors on the cable force can be ignored, so the tensioned string model can be used to calculate the cable force (Irvine et al., 1974). The more commonly used classical cable force theory formula for this model is shown in Eq 1:
[image: image]
In Eq 1, m is the mass per unit length [kg/m]; [image: image] is the cable force [N]; [image: image] is the nth order frequency of the free vibration of the cable [Hz]; [image: image] is the cable length [m].
2.2 Beam model and formula
For short and thick cables with large cross-sections and small lengths, in order to meet the requirements of cable force identification accuracy, their bending stiffness must be considered, so it is necessary to use the beam model to calculate cable force (Humar, 2012).
Assuming that the mass, m, per unit length of the beam is constant and the bending stiffness, EI, is also constant, the free vibration equation is:
[image: image]
Considering the hinged condition at both ends, the theoretical formula for calculating the cable force is shown in Eq 3:
[image: image]
The boundary conditions of the cable segment in the beam string structure are closer to those of the articulated boundary conditions at both ends. Therefore, the error comparison is made on the basis of the hinged connection, so only the hinged condition is introduced in this paper.
3 BASIC PRINCIPLES OF DYNAMIC FINITE ELEMENT ANALYSIS OF STRING STRUCTURES
3.1 Basic assumptions
In order to calculate conveniently, basic assumptions should be made for the beam string structure according to its mechanical characteristics:
1. It is assumed that the connection point between the cable segment and the strut is an ideal hinge, and the connection nodes are completely coincident.
2. The cable has been kept in working condition, only under tension, not loose.
3. The cable segment is a straight-line element.
4. Within a small time period, the cross-sectional area of the strut and beam elements remains unchanged.
3.2 Basic principles of dynamic characteristic analysis
The undamped free vibration equation of the string structure is:
[image: image]
Where [image: image] is the mass matrix; [image: image] is the total nodal displacement vector of the structure; [image: image] is the total nodal acceleration vector of the structure; [image: image] is the total elastic stiffness matrix of the structure; [image: image] is the total geometric stiffness matrix of the structure.
After the static analysis of the structure is completed, the static equilibrium position of the string structure is obtained. In the dynamic analysis, the internal force and geometric coordinates of the static equilibrium position of the system are selected as the initial state of the dynamic analysis. That is, the system is assumed to vibrate slightly at the static equilibrium position.
For a linear system, the particular solution of Eq 4 is:
[image: image]
where [image: image] is the circular frequency (1/s) and [image: image] is the mode shape vector.
Substituting Eq 5 into Eq. 4, after derivation, we can get:
[image: image]
where [image: image] is the total stiffness matrix of the structure at static equilibrium [image: image].
The dynamic analysis of the string structure system can be reduced to the generalized eigenvalue problem of Eq 6. The calculation methods mainly include the Block Lanczos method and the Subspace method. Among them, the Block Lanczos method eigenvalue solver is the default solver of ANSYS modal analysis, which uses the Lanczos algorithm, which in turn uses a set of vectors to realize the Lanczos recursive calculation. This method has the same accuracy as Subspace but is faster. The Block Lanczos method will be used in the calculation in this paper.
4 ESTABLISHMENT OF ANSYS DYNAMIC ANALYSIS MODEL OF THE STRING STRUCTURE
This paper uses ANSYS software, using APDL language to write command flow, and establishes a beam string structure model for numerical simulation analysis.
4.1 Element type selection
The steel beam part of the beam string structure model is simulated by the 3-D linear finite-strain beam element Beam188. It is a two-node three-dimensional linear beam element, which can be defined by commands such as SECTYPE, SECDATA, and SECOFFSET to meet the actual section shape, and has 6 or 7 degrees of freedom on a single node. The beam element is calculated based on Timoshenko beam theory and is well suited to linear analysis and nonlinear analysis of large stress.
The strut part of the beam string structure model is simulated by the Link180 element. The Link180 is a 3-D element which is useful in a variety of engineering applications, for trusses, sagging cables, links, springs, and more. The element is a uniaxial tension-compression element with three degrees of freedom at each node: translation in the x, y, and z directions of the nodes, with plasticity, creep, rotation, large deflection, and large strain capabilities.
The cable part in the beam string structure model is simulated by the Beam189 element; a 3-D quadratic three-node beam element. With default settings, each node has 6 degrees of freedom. The element is based on Timoshenko beam theory and is well suited for linear, large rotation, large strain nonlinear applications. In this paper, it is considered that the cable in the tensioned beam string structure is used as a short cable, and its flexural rigidity cannot be ignored. Therefore, compared with the Link10 element, the Beam189 beam element can more accurately simulate the cable in the tensioned beam string structure.
4.2 Prestressing
In ANSYS, two methods, the initial strain method or the cooling method, are usually used to simulate the prestress. The former applies initial strain to the cable element and the prestress is applied by pretensioning or precompressing the line element; the latter applies temperature load to the cable element and the prestress is applied by heating or cooling. In this paper, the Beam189 element is used to simulate the prestressed cable, which can easily apply prestressing through the INISTATE command. Therefore, the initial strain method is selected to apply prestress to the cable.
4.3 Number of cable element divisions
The number of element divisions of the finite element model has a great influence on the accuracy of the calculation results. If the number of cable element divisions is too small, the error of the calculation results will be too large, which will not meet the accuracy requirements. By establishing a single-cable model, we divide a single cable into different numbers of elements. The error between the frequency results of finite element simulation and the theoretical solution under different element division conditions were calculated, and then the number of elements that can meet the accuracy requirements of the simulation were obtained. The “error” here means the frequency difference between the theoretical solution and the finite element simulation analysis result of a same single cable.
The comparison data is shown in Figure 3.
[image: Figure 3]FIGURE 3 | Influence of different number of element divisions on calculation error.
Figure 3 shows that with the increase of the number of element divisions, the error of the ANSYS frequency calculation result gradually decreases; from the high-order frequency to the low-order frequency, the error gradually decreases. When the number of element divisions increases to 100, the error between the model’s first 8-order modal frequency results and the theoretical solution frequency tends to be stable. If the number of element divisions continues to increase, the error does not change much. At the same time, according to the condition that the calculation errors of low-order and high-order frequencies are both less than 0.3%, it can also be considered that the number of unit divisions must be 100 to meet the accuracy requirements of numerical calculation results. The computational cost can be minimised compared to the number of more unit divisions. Therefore, in the subsequent calculation, we uniformly divide each cable segment by 100 elements.
5 EXTRACTION OF LOCAL VIBRATION MODES OF CABLES BASED ON ANSYS
By performing modal analysis on the overall structure of the beam string structure, all the mode shapes and frequency information of the overall structure can be obtained. Among these modes, there are some where the entire structure vibrates, and some where only the cables vibrate locally. Among so many modes, if the local mode of a cable can be found, the corresponding frequency is the nth-order vibration frequency of the cable considering the influence of the overall structure; the corresponding mode shape is the nth-order mode shape of the cable considering the influence of the overall structure.
Based on the local cable vibration modes identified in the global modes, the cable force identification results can be obtained from the single-cable model assumption based on the vibration method. Hence, by comparing the difference between the obtained cable force identification results and the design cable force, the error size of the cable force identification can be studied and corrections can be suggested. Then it is possible to use the assumption of the single-cable model to improve the efficiency while ensuring the accuracy of the solution. Therefore, this paper proposes a three-stage criterion for local modal extraction of beam string structure to identify local modal information.
5.1 Criterion 1: Search criteria for main vibration cable segment
To determine which cable segment is the main vibration of a certain order vibration, we adopt the following criterion: find the node corresponding to the maximum amplitude and the cable segment where the node is located by means of APDL command flow.
ANSYS software has powerful post-processing capabilities. Using APDL language to write a program, the modal analysis results of the beam string structure, including each order mode shape diagram, vibration frequency, mode shape data, etc., can be exported to image or text format. Furthermore, the maximum amplitude of the node can be obtained from the command flow, and the cable segment where the node is located can be found to judge that the mode belongs to the main mode of a certain cable segment.
5.2 Criterion 2: Criteria for discriminating whether local vibration mode
While criterion 1 identifies whether a certain cable segment is the order mode’s main vibration cable segment, criterion 2 determines whether this order mode must be the local vibration of this cable segment. Thus, the second criterion is used to make the following judgments:
1 When the length of the cable segment differs greatly, the amplitude of the cable segment is the largest, and the amplitude of each node of the other cable segments is 0 or very small, which can be determined as a local mode of a certain order of the cable segment.
2 When the length of the cable segment is similar, except for the similar cable segment, the amplitude of the cable segment is the largest, and the amplitude of each node of the other cable segment is 0 or very small, it can be determined as a local mode of a certain order of the cable segment.
5.3 Criterion 3: Judging the local modal order based on the MAC value
When we use criterion 2 to determine that a certain overall mode is a local mode of a certain cable segment, we still need to determine which mode of the cable segment corresponds to this mode. To this end, the third criterion is introduced: based on the Modal Assurance Criterion (MAC) value, the modal order of the cable segment where the maximum amplitude is located is determined.
The mode shape vector data exported from ANSYS is imported into MATLAB software, and the modal order of the cable segment where the maximum amplitude is located is judged based on the concept and function of the MAC.
The MAC is a common tool for evaluating structural dynamic characteristics. It is used to evaluate the degree of correlation between two sets of mode shape vectors.
The definition of MAC is shown in Eq 7:
[image: image]
Where [image: image] is the value of the modal confidence criterion of the two mode shape vectors: [image: image]. [image: image] are two sets of mode shape vectors, respectively. The value range of [image: image] is [image: image], when [image: image], [image: image] are independent; when [image: image], [image: image] are related; if [image: image] is between 0.05 and 0.85, it indicates that the [image: image] are partially related.
In this paper, using the overall structure calculation of the string beam, a finite element analysis model is established. The mode shape vector of the cable segment where the maximum amplitude is located is obtained through analysis. Then a single-cable finite element model with hinged ends is established to obtain the reference vector, [image: image], of each mode shape. Calculating the MAC value, when, it can be determined that the order of the cable segment to be tested is the same as the order of the reference single cable, thereby identifying the order of the cable segment to be tested.
6 NUMERICAL STUDY
6.1 The calculation model of the beam string structure
To show the effectiveness of the method in this paper and show the regularity of the research more intuitively, a simple beam string structure is selected as an example. The beam element section is a circular pipe with an inner radius of 95.5 mm and an outer radius of 101.5 mm; the strut element has a circular section with a sectional area of 234 mm2; the cable element has an equivalent sectional area of 346 mm2. The bending stiffness of the cable in this EI = 1810.072351 Nm2, and the mass per unit length is 2.72 kg/m. The elastic modulus of beam and strut steel is 2.06e5 MPa, and the elastic modulus of cable steel is 1.9e5 MPa. The bending stiffness value here is a design value. If it is applied in practice, the cable factory will provide the actual value. The cables at the bottom of the beam string structure are numbered in sequence and the dimension of the beam string structure model is shown in Figure 4.
[image: Figure 4]FIGURE 4 | The serial number of cables and diagram of the beam string structure model [dimensions are in mm].
6.2 The basic process of ANSYS calculation

1 Build the model—the beams, rods, and cables of the beam string structure are selected as described in the previous section and the data files of the finite element model of the beam are written in APDL language, including element, material, and section information, mesh division, etc. The various information requested is defined using the LATT command. The LESIZE command is used to specify that the number of elements to divide the cable is 100, and the LMESH command is used to divide the mesh.
2 Constraints—Set the left end of the beam string structure as a fixed hinge and the right end as a sliding hinge. The Z-direction displacement of all nodes is constrained to be 0 and only the in-plane vibration of the beam is considered, the out-of-plane space vibration of the beam is not considered.
3 Static analysis—use the command flow “ANTYPE,0” to enter the static analysis solution, apply prestress to the cable using the initial strain method described in the previous section, turn on the large deformation switch and the acceleration of gravity, and calculate the initial state of the beam string structure.
4 Modal analysis—use the command flow “ANTYPE,2” to enter the modal analysis solution, turn on the prestress switch, and solve the first 12 order modal information.
5 Post-processing—write APDL program, and derive the mode shape diagram, mode shape vector and natural frequency required in this paper according to the requirements.
6.3 Finding the main vibration cable segment
The modal analysis of the overall structure of the beam string structure is used to obtain the first 12-order mode shapes, as shown in Figure 5.
[image: Figure 5]FIGURE 5 | 1st to 12th mode shapes.
According to the model information, cable segment 1 contains node numbers 45–243, cable segment 2 contains node numbers 344–542, cable segment 3 contains node numbers 942–1,140, and cable segment 4 contains node numbers 643–841.
This article will take the No. 3 cable section as an example to introduce the criterions. For example, the maximum amplitude node number of the first mode is 1,037, which belongs to the No. 3 cable segment, and other rigid members have almost no amplitude. Except for the cable segments of similar length, the other cable segments also have almost no amplitude. Thus the overall mode of order 1 is considered to be the local mode of cable segment 3. The cable segments corresponding to other modal information are shown in Table 1. However, some of the overall modes are not only the vibration of the cable part, but also the vibration of beams or struts, such as the third-order overall mode. Such modes need to be eliminated and cannot be used as calculation samples. For the simple beam string model, this step can be roughly judged by visual inspection. For the complex string beam structure, it is necessary to compile a common program for accurate judgment.
TABLE 1 | Overall modal information and corresponding cable segment number.
[image: Table 1]6.4 Judging the modal order of the cable segment to be tested
For example, for the overall first-order mode mentioned in the previous section, the corresponding maximum amplitude cable segment is the No. 3 cable, and then it needs to be determined as the order of the local vibration of the No. 3 cable. A single-cable model was established based on APDL language as a reference, and the boundary condition of the single-cable was hinged at both ends. The ANSYS modal analysis calculation was performed and the first 4-order mode shape vector text data was exported as a reference. In this paper, the No. 3 cable is selected as the calculation object, and some MAC values are given as shown in Table 2.
TABLE 2 | Calculation results of the MAC value of the No. 3 cable.
[image: Table 2]Table 2 shows that the first order of the overall modes corresponds to the first order of the local vibration of the No. 3 cable; the fourth order of the overall modes corresponds to the second order of the local vibration of the No. 3 cable; the eighth order of the overall modes corresponds to the third order of the local vibration of the No. 3 cable; the 12th order of the overall mode corresponds to the fourth order of local vibration of No. 3 cable.
6.5 Comparison of local vibration frequency results
After the comparison and analysis of the data in the previous section, it can be found that under the influence of the overall structure of the beam string structure of No. 3 cable segment, its local first-order frequency is the first-order frequency of the overall mode, which is 3.296793 Hz; its local second-order frequency is the overall modal frequency. The frequency of the 4th order is 7.224617 Hz; the frequency of the local 3rd order is the frequency of the 8th order of the overall mode, which is 11.7399 Hz; the frequency of the local 4th order is the frequency of the 12th order of the overall mode, which is 18.5797 Hz.
The vibration frequency of the local cable segment extracted from the overall structure is compared with the frequency of the single-cable theoretical solution. The local frequency of the cable segment extracted by the method in this paper is compared with the frequency of the single-cable theoretical solution in Table 3; the frequency errors for the 1st to 4th orders are also presented.
TABLE 3 | Comparison of extraction frequency and theoretical frequency.
[image: Table 3]The extracted frequency is very close to the theoretical solution frequency from the local modal information extracted from the overall mode using the three-stage criterion proposed in this paper, indicating that the method proposed in this paper is effective. The reason for the difference is that the cable segment in the beam string structure is not a single-cable model with hinged ends. The specific size and modification suggestions of this part of the error will be given in our follow-up research work.
6.6 Comparison of cable force identification results
Substituting the extracted first four-order local frequencies into the classical formula for single-cable force identification, the errors between the cable force and the finite element design cable force are 8.84%, 10.69%, 0.82%, and 16.03%, respectively, as shown in Table 4.
TABLE 4 | Comparison of cable force results between extraction frequency and theoretical frequency.
[image: Table 4]If the cable force identification of the tension beam string structure is based on the single-cable test method commonly used at present, it will inevitably cause identification errors. This part of the error is caused by the influence of the overall structure of the beam string structure. When we know the size of the error, it can be corrected in the actual test to improve the calculation efficiency and ensure the accuracy of the solution.
After analysis and comparison of examples, the method proposed in this paper is used to extract the local vibration modal information of the cable in the overall mode. The mode shape and frequency are consistent with the theoretical solution of the single cable, but there are certain differences due to the influence of the overall structure. The numerical example proves the effectiveness of the method for extracting the vibration modal information of the local cable presented in this paper.
7 CONCLUSION
The main work of this paper is discussed as follows:
1 An ANSYS dynamic analysis model of the beam string structure is established based on APDL language. Comparing multiple sets of data, it is found that when the number of element divisions in the cable modeling process is 100, it can better balance the common needs of calculation accuracy and calculation time cost.
2 A three-stage criterion for automatic identification of the local mode of the cable in the beam string structure is proposed. Criterion 1: Find the main vibration cable segment according to the maximum amplitude node. Criterion 2: When the cable length and other parameters of the cable segments differ greatly, the cable segment with the largest amplitude is the main vibration cable segment. In addition, if there is no other rigid member vibrating or the amplitude is small, it can be determined that the overall mode is the local mode of the cable segment. When the parameters such as the cable length of the cable segment are similar, except for the similar cable segment, the amplitude of the cable segment is the largest, and the amplitude of each node of the other member and cable segment is 0 or very small, it can be determined as a local mode of a certain order of the cable segment. Criterion 3: Use the Modal Assurance Criterion (MAC) to evaluate the correlation between the local mode shape and the reference mode shape and obtain the local mode order corresponding to the main vibration cable segment.
3 After obtaining the local modal information of the cable of the beam string structure through the three-stage criterion, there is a certain error between the cable force identification result from on the vibration method based on the single-cable model and the actual cable force. The magnitude of the error reflects the influence of the overall structure on the vibration characteristics of the cable segment; the magnitude of the influence depends on factors such as the structural form, member stiffness, and cable force distribution. In the follow-up work, we will further use the method proposed in this paper to study the cable force identification error of the vibration method using the single-cable model of different types of string structures and propose a systematic correction scheme.
4 In practical application, for the specific beam string structure model, numerical analysis can be carried out by the method in this paper, and the size of the influence of each cable segment by the overall structure can be analyzed, so as to guide the correction of actual results and improve the accuracy of cable force identification.
DATA AVAILABILITY STATEMENT
The original contributions presented in the study are included in the article/supplementary material, further inquiries can be directed to the corresponding author.
AUTHOR CONTRIBUTIONS
Corresponding author YZ proposed the work idea of this paper, analyzed and guided the results of the paper, and reviewed and revised the article. The first author, TZ, is responsible for the use and calculation of finite element software, and writes the first draft. HZ is responsible for reviewing and modifying English expressions.
FUNDING
Major Project of Shanghai Science and Technology Commission (Grant number: 1323050300).
PUBLISHER’S NOTE
All claims expressed in this article are solely those of the authors and do not necessarily represent those of their affiliated organizations, or those of the publisher, the editors and the reviewers. Any product that may be evaluated in this article, or claim that may be made by its manufacturer, is not guaranteed or endorsed by the publisher.
REFERENCES
 Brownjohn, J. M. W. (2007). Structural health monitoring of civil infrastructure. Phil. Trans. R. Soc. A 365 (1851), 589–622. doi:10.1098/rsta.2006.1925
 Byeong, H. K., and Taehyo, P. (2007). Estimation of cable tension force using the frequency-based system identification method. J. Sound. Vib. 304 (3-5), 660–676. doi:10.1016/j.jsv.2007.03.012
 Cappello, C., Zonta, D., Ait Laasri, H., Glisic, B., and Wang, M. (2018). Calibration of Elasto-Magnetic Sensors on In-Service Cable-StayedBridgesfor Stress Monitoring. Sensors 18 (2), 466. doi:10.3390/s18020466
 Chen, Y., Shen, Z., Zhao, X., and Chen, Y. (1999). Experimentalstudy on a full-scale roof truss of Shanghai Pudong international airport terminal. J. Build. Structures 20 (2), 9–17. doi:10.14006/j.jzjgxb.1999.02.002
 Duan, Y., Zhang, R., Dong, C., Luo, Y., Or, S. W., Zhao, Y., et al. (2015). Development of elasto-magneto-electric (EME) sensor for in-service cable force monitoring. Int. J. Str. Stab. Dyn. 16 (4), 1640016. doi:10.1142/S0219455416400162
 Fabo, P., Jarosevic, A., and Chandoga, M. (2002). Health monitoring of the steel cables using the elasto-magnetic method. ASME Int. Mech. Eng. Congr. Expo. 36258, 295–299. doi:10.1115/IMECE2002-33943
 Fang, Z., and Wang, J. (2012). Practical formula for cable tension estimation by vibration method. J. Bridge Eng. 17 (1), 161–164. doi:10.1061/(ASCE)BE.1943-5592.0000200
 Furukawa, A., Suzuki, S., and Kobayashi, R. (2022). Tension estimation method for cable with damper using natural frequencies with uncertain modal order. Front. Built Environ. 8, 812999. doi:10.3389/fbuil.2022.812999
 Geier, R., De Roeck, G., and Flesch, R. (2006). Accurate cable force determination using ambient vibration measurements. Struct. Infrastructure Eng. 2 (1), 43–52. doi:10.1080/15732470500253123
 Hiroshi, Z., Tohru, S., and Yoshio, N. (1980). Practical formulas for estimation of cable tension by vibration method. J. Struct. Eng. 122 (6), 651–656. doi:10.1061/(ASCE)0733-9445
 Humar, J. (2012). Dynamics of structures. 3rd ed. Boca Raton: CRC Press. 
 Irvine, H. M., and Caughey, T. K. (1974). The linear theory of free vibration of a suspended cable. Proc. R. Soc. Lond. 341 (1626), 299–315. doi:10.1098/rspa.1974.0189
 Kangas, S., Helmicki, A., Hunt, V., Sexton, R., and Swanson, J. (2012). Cable-stayed bridges: Case study for ambient vibration-based cable tension estimation. J. Bridge Eng. 17 (6), 839–846. doi:10.1061/(ASCE)BE.1943-5592.0000364
 Ma, L., Xu, H., Munkhbaatar, T., and Li, S. (2021). An accurate frequency-based method for identifying cable tension while considering environmental temperature variation. J. Sound. Vib. 490, 115693. doi:10.1016/j.jsv.2020.115693
 Mehrabi, A. B. (2006). In-service evaluation of cable-stayed bridges, overview of available methods and findings. J. Bridge Eng. 11 (6), 716–724. doi:10.1061/(asce)1084-0702(2006)11:6(716)
 Mehrabi, A. B., and Tabatabai, H. A. (1998). Unified finite difference formulation for free vibration of cables. J. Struct. Eng. (N. Y. N. Y). 124 (11), 1313–1322. doi:10.1061/(asce)0733-9445(1998)124:11(1313)
 Moradi, M., and Sivoththaman, S. (2013). Strain transfer analysis of surface-bonded MEMS strain sensors. IEEE Sens. J. 13 (2), 637–643. doi:10.1109/JSEN.2012.2225043
 Nam, H., and Nghia, N. T. (2011). Estimation of cable tension using measured natural frequencies. Procedia Eng. 14, 1510–1517. doi:10.1016/j.proeng.2011.07.190
 Pines, D., and Aktan, A. E. (2002). Status of structural health monitoring of long-span bridges in the United States. Prog. Struct. Engng. Mat. 4 (4), 372–380. doi:10.1002/pse.129
 Qin, J., Chen, X., and Xu, R. (2007). Design and experimental study on the joints of Nation Gymnasium. Ind. Const. 37 (1), 12–15. doi:10.1016/S1872-2032(07)60057-2
 Rebecchi, G., Tullini, N., and Laudiero, F. (2013). Estimate of the axial force in slender beams with unknown boundary conditions using one flexural mode shape. J. Sound. Vib. 332 (18), 4122–4135. doi:10.1016/j.jsv.2013.03.018
 Ricciardi, G., and Saitta, F. (2008). A continuous vibration analysis model for cables with sag and bending stiffness. Eng. Struct. 30 (5), 1459–1472. doi:10.1016/j.engstruct.2007.08.008
 Saitoh, M., and Okada, A. (1999). The role of string in hybrid string structure. Eng. Struct. 21 (8), 756–769. doi:10.1016/S0141-0296(98)00029-7
 Sun, W. B., Yang, S. Y., and Chen, R. Y. (2003). Stiffness performance of truss-string structure of Guangzhou international convention and exhibition center. J. South China Univ. Technol. Sci. 31 (11), 33–36. doi:10.1007/s11769-003-0044-1
 Syamsi, M. I., Wang, C. Y., and Nguyen, V. (2022). Tension force identification for cable of various end-restraints using equivalent effective vibration lengths of mode pairs. Measurement 197, 111319. doi:10.1016/j.measurement.2022.111319
 Tadayuki, S. (1994). Estimating method of cable tension from natural frequency of high mode. Dob. Gakkai Ronbunshu 501, 163–171. doi:10.2208/jscej.1994.501_163
 Volokhov, I. V., Gurin, S. A., and Vergazov, I. R. (2016). Study of the properties of high-sensitivity thermally-stable thin-film resistance strain gauges for integral pressure sensors. Meas. Tech. 59 (1), 80–86. doi:10.1007/s11018-016-0921-5
 Wang, D. S., Zhou, J., Liu, C. Y., and Zhang, F. L. (2007). Design and research on roof structure of Pudong international Airport terminal 2. Build. Struct. 37 (5), 45–49. doi:10.1007/s10870-007-9222-9
 Yan, B., Yu, J., and Soliman, M. (2014). Estimation of cable tension force independent of complex boundary conditions. J. Eng. Mech. 141 (1), 6014015. doi:10.1061/(ASCE)EM.1943-7889.0000836
 Yun, C. B., Lee, J. J., and Kim, S. K. (2003). Recent R&D activities on structural health monitoring for civil infra-structures in Korea. Ksce J. Civ. Eng. 7 (6), 637–651. doi:10.1007/BF02829136
 Zarbaf, S. E. H. A. M., Norouzi, M., Allemang, R., Hunt, V., Helmicki, A., and Venkatesh, C. (2018). Vibration-based cable condition assessment: A novel application of neural networks. Eng. Struct. 177, 291–305. doi:10.1016/j.engstruct.2018.09.060
Conflict of interest: The authors declare that the research was conducted in the absence of any commercial or financial relationships that could be construed as a potential conflict of interest.
Copyright © 2022 Zhang, Zhang and Zhang. This is an open-access article distributed under the terms of the Creative Commons Attribution License (CC BY). The use, distribution or reproduction in other forums is permitted, provided the original author(s) and the copyright owner(s) are credited and that the original publication in this journal is cited, in accordance with accepted academic practice. No use, distribution or reproduction is permitted which does not comply with these terms.
		ORIGINAL RESEARCH
published: 30 December 2022
doi: 10.3389/fmats.2022.1116490


[image: image2]
Numerical study on hysteretic characteristics of transmission tower K-joints
Jian Zhang, Guangchen Wu and Lidong Yang*
Northeast Electric Power Design Institute Co., Ltd of China Power Engineering Consulting Group, Changchun, China
Edited by:
Chun-Xu Qu, Dalian University of Technology, China
Reviewed by:
Li Chuang, Shenyang University, China
Wenqiang Jiang, North China Electric Power University, China
* Correspondence: Lidong Yang, yanglidong2022@yeah.net
Specialty section: This article was submitted to Structural Materials, a section of the journal Frontiers in Materials
Received: 05 December 2022
Accepted: 21 December 2022
Published: 30 December 2022
Citation: Zhang J, Wu G and Yang L (2022) Numerical study on hysteretic characteristics of transmission tower K-joints. Front. Mater. 9:1116490. doi: 10.3389/fmats.2022.1116490

Introduction: The mechanical properties of joints have a significant impact on the dynamic response of transmission tower structures.
Methods: Considering bolt slip, the numerical model of the transmission tower K-joint is established. The mechanical properties of K-joints are studied from three aspects: failure mode, load-displacement hysteretic curve, and stiffness degradation by numerical method. The effects of bolt preload, friction coefficient, and member strength on the hysteretic properties of the K-joint are analyzed.
Results: The results show that due to the complexity of K-joints, bolt slip will lead to the reduction of ultimate bearing capacity and the change of failure position. In order to accurately obtain the mechanical properties of K-joints, the influence of bolt slip should be considered in the research process; The plumpness of load-displacement hysteretic curve is greatly affected by parameters; The stiffness of K-joints degenerates with the increase of loading times.
Discussion: The results provide a reference for the mechanical analysis of the transmission tower.
Keywords: transmission tower, K-joints, hysteretic characteristics, numerical simulation, bolt slip
1 INTRODUCTION
Transmission towers in service will be subjected to earthquakes, ice or wind loads and other loads, which may lead to the destruction of the tower, affect the power supply and thus destroy the normal operation of society (Li et al., 2021). In order to prevent these disasters, it is necessary to obtain the accurate response of transmission towers under loads (Li et al., 2022). As the main force bearing part of the transmission tower, the mechanical properties of the joint have a significant impact on the dynamic response of the whole structure. Angle steel transmission towers are mostly connected by bolts, and in order to facilitate installation, the bolt hole diameter is usually larger than the bolt shank, in the process of transmission tower vibration members will occur relative sliding, that is, bolt slippage. Bolt slip will not only cause the difference of members failure mode but also lead to the change in joint stiffness (An et al., 2019). Ungkurapinan et al. (2003) studied the bolt slip phenomenon through experiments and proposed a mathematical model of bolt slip based on the test results. Through the combination of experiment and simulation (Jiang et al., 2011; Jiang et al., 2017), introduced bolt slip into the overall analysis of the transmission tower, and found that bolt slip had an impact on the ultimate bearing capacity, failure mode and displacement response of transmission tower. Wang et al. (2015) studied the influence of bolt slip on the structural response of transmission tower under uneven foundation settlement by numerical simulation. The results show that bolt slip not only increases the deformation of the tower, but also causes the redistribution of internal forces. Jiang et al. (2016) studied the influence of bolt slip uncertainty on the internal force of transmission tower by the LHS (Latin hypercube sampling) method. Yang et al. (2017) analyzed the influence of parameters such as initial torque and bolt hole diameter on the load-deformation curve of the joint through the tension test and numerical simulation of the bolt joint. The results show that when analyzing the tower structure, if the joint slip effect is ignored, it will cause higher axial stiffness. Ye et al. (2017) established an improved bolt slip model and accurately analyzed the behavior of the tower under external forces. The results show that the degree of influence of bolt slip is related to load. de Souza et al. (2021) performed reliability assessment of existing transmission line towers considering mechanical model uncertainties, their results showed that the bolt slip could affect the failure of the tower. Gan et al. (2021) performed monotonic tests to study the joint slip effect, and proposed a simplified multilinear bolt slippage model.
However, the above studies only consider the one-way slip of bolts, which is only applicable to the static analysis of transmission towers. In reality, the joints of transmission towers are often subjected to repeated loads during vibration, and the bolts will slip back and forth. The one-way slip model cannot accurately reflect the dynamic response of the tower. Yaghoobi and Shoddshtari. (2018) studied the influence of parameters such as bolt arrangement and bolt diameter on the mechanical behavior of joints under cyclic loading by conducting joint tests of 51 groups of wind turbine lattice towers. The results show that the above parameters can affect the hysteretic behavior of joints. Ma and Bocchini (2019) analyzed the stress state of the joint at each stage under cyclic loading, and proposed a hysteretic model of single bolted joints considering bolt slip. Considering different bolt clearances, Jiang and Dong. (2020) established a finite element model of double-limb lap joints and analyzed the hysteretic characteristics of the joints. Li et al. (2020) studied the mechanical properties of typical bolted joints under cyclic loading through numerical simulation, and analyzed the influence of parameters such as initial clearance and initial torque on the hysteretic behavior of joints. The results show that the influence of bolt reciprocating slip should be considered. Ebrahimi et al. (2022) performed test study to obtained the load-deformation curves of joint under cycle loading, and then proposed a mathematical formula to describe the load-deformation curves. Lu et al. (2018) Studied the influence of the cycle loading on the joint slip by tests, and the results showed that bolt-slip load decrease with the increase of the cyclic loading.
Nevertheless, the above studies are only for the lap bolt joints in transmission towers. In the transmission tower structure, the K-joint is a very common form of joints, just like the lap joint, and compared with the lap joint, the stress state of K-joint is more complex. Zhao et al. (2014) deduced the initial rotational stiffness calculation model of K-joints and modified the model according to the test results. Yang et al. (2018) introduced the axial force coefficient of bolt joints into the traditional unit load method, and verified the accuracy of the improved method by experimental results. The results show that reducing the bolt clearance can decrease the deformation of K-joint of UHV cat-head transmission tower. Wang et al. (2019) studied the detached tubular K-joints through experiments and the results show that the separation distance of the gusset plate can affect the failure mode of the joint. Li et al. (2021) studied the influence parameters of the moment-rotation hysteresis curve of K-joints by establishing the finite element model (FEM) of K-joints. The results show that the failure mode of K-joints is related to the bolt grade and steel strength.
A review of the abovementioned works indicates that the existing research on bolt slip is aimed at bolt lap joints, and there is still a lack of research on bolt slip of K-joints, especially the mechanical properties under cyclic loading. Therefore, the mechanical properties of K-joints are studied by numerical method in this paper, and the effect of bolt slip on the hysteretic properties of K-joints is emphatically discussed. In Section 2, the numerical model and simulation schemes of K-joints are introduced. In Section 3, the simulation results are analyzed from the loading mode, load-displacement hysteresis curve and joint stiffness. And finally, Section 4 concludes the study.
2 NUMERICAL SIMULATION OF THE K-JOINT
2.1 The FEM of the K-joint
In this paper, a large-scale commercial finite element software ANSYS is used to simulate a K-joint of a transmission tower, and the FEM of the K-joint was established by 3D 8-node solid element SOLID185, as shown in Figure 1. There are five types of contact pairs in the model, which are the contact between the main angle steel and the gusset plate, the contact between the branch angle steel and the gusset plate, the contact between the nut and the steel member, the contact between the bolt head and the steel member, and the contact between the bolt shank and the bolt hole. The 3D surface-to-surface contact element CONTA173 and the 3D target element TARGE170 are used as the contact element and the target element, respectively. And the bolt pretension force is applied by the preload element PRETS179. Hexahedral mesh is adopted in the model, and refined division operation is carried out at the contact part of steel members. The elastoplastic model with a strengthened section is adopted for the constitutive relationship of members and bolts, as shown in Figure 2. In Figure 2, E is the elastic modulus, εy is the yield strain, εu is the ultimate strain, fy is the yield stress; fu is the ultimate stress.
[image: Figure 1]FIGURE 1 | Finite element model of the K-joint.
[image: Figure 2]FIGURE 2 | Constitutive relation of steel.
2.2 Simulated conditions
In this paper, simulations of twelve loading scenarios are carried out. The thickness of each component in this model is 10 mm, in which the main material is L160 × 10 angle steel and the branch member is L80 × 10 angle steel. The effects of preload force, friction coefficient of the component, eccentricity, bolt hole diameter, strength of connector and bolt grade on the hysteretic performance of K-joints are studied, as listed in Table 1. In order to study the effect of bolt slip of K-joint, different loading modes were applied to Group A and Group B, respectively, in which tension compression cyclic load is applied to single branch angle steel of Group A, and tension compression cyclic load is applied to double branch angle steels of Group B, as shown in Figure 3. According to the Chinese code, the load is first loaded according to 25%, 50%, and 75% of the yield load, and each stage is cycled once. After the yield is reached, it is gradually increased according to 10% of the ultimate load, and each stage is cycled three times (Zhang and Li, 2017).
TABLE 1 | Simulation scheme.
[image: Table 1][image: Figure 3]FIGURE 3 | Loading mode of Group (A) and Group (B).
3 RESULT ANALYSIS
3.1 Influence of loading mode
When the single branch angle steel of the K-joint is subjected to cyclic loading, the stress state of the K-joint is equivalent to the bolt lap joint. However, when double branch angle steels are subjected to cyclic loading because the resultant force of branch angle members bearing the load does not pass through the centroid of the bolt group on the main angle steel, the moment will be generated at the centroid of the bolt group, resulting in the sliding of the branch angle steel. Meanwhile, the gusset plate will rotate by eccentric force. In this state, the stress state of the K-joint is more complicated and it is also more consistent with the actual stress state of the K-joint. The load-displacement hysteresis curves under two different loading conditions are shown in Figure 4. The curve takes the displacement of the loaded branch angle steel as the horizontal axis and the load as the vertical axis. It can be seen that the ultimate load and failure position of Group B are different from those of Group A.
[image: Figure 4]FIGURE 4 | Load-displacement curves of the K-joints. (A) Case A1. (B) Case B5.
The ultimate load of Case A1 is 371.25 kN, the ultimate load of Case B5 is 300 kN, and the ultimate load is reduced by 23.75%. The reason for this phenomenon is that when the single branch angle steel of the K-joint bears the load F0, the resultant force at the centroid is only [image: image]. At this time, the shear force of the bolt of the branch angle steel is greater than that of the bolt of the main member. Figure 5 shows the strain nephogram of the bolt. In Figure 5, the maximum plastic strain of the bolt of the main member is 0.153, while the maximum plastic strain of the bolt of the branch angle steel is 0.64, which indicates that the bolt of the branch angle steel is damaged before the bolt of the main member.
[image: Figure 5]FIGURE 5 | Bolt plastic strain of Case A1. (A) the bolt of branch angle steel, (B) the bolt of main angle steel.
When branch angle steels on both sides of the K-joint are subjected to a load F0 of one tension and one compression at the same time, the resultant force at the centroid is [image: image], the moment is larger, the rotation angle of the gusset plate is larger. And the bolt of the main member is subjected to a greater load, which will be failure before the bolt of the branch member, as shown in Figure 6, that is, the most unfavorable load condition for the K-joint is one side of the branch member is tensioned and one side of the branch member is compressed. At this time, the maximum plastic strain of the bolt of the main member is 0.216, while the maximum plastic strain of the bolt of the branch angle steel is 0.122.
[image: Figure 6]FIGURE 6 | Bolt plastic strain of Case B5. (A) the bolt of branch angle steel, (B) the bolt of main angle steel.
However, when the bolt slip is not considered, the ultimate load of K-joints under the two loading methods is 375 kN and 373.8 kN, respectively, with a difference of 0.32%. At this time, the loading method has little effect on the ultimate load. Therefore, the main difference between Case A1 and Case B5 is due to the influence of bolt slip on the K-joint. Figure 7 shows the load-displacement hysteresis curve without considering the bolt slip. It can be seen that when the bolt gap is not considered, the hysteresis curve is fusiform and full in shape, which also shows that it is necessary to consider the bolt slip of the K-joint.
[image: Figure 7]FIGURE 7 | Load-displacement curves of the K-joints. (A) Case A2, (B) Case B4.
3.2 Load-displacement hysteresis curves
The trend of structural stiffness variation under cyclic loading can be obtained from the hysteretic curve. It can be seen from Section 3.1 that the bearing capacity of double branch angle steel loading is lower than that of single branch angle steel loading, and the K-joint is in the most unfavorable stress state. Therefore, this section mainly analyzes the hysteresis curve of double branch angle steel loading.
The hysteresis curve of each working condition is shown in Figure 8. It can be seen that the fullness of the hysteresis curve is affected by the parameters such as bolt preload, friction coefficient, eccentricity and other parameters. Compared with Figures 8D–F, it can be seen that with the increase of bolt preload, the shape of the hysteresis curve is plumper. This trend is the same as Figures 8A, B, D. The reason for this phenomenon is that increasing the preload of the bolt can make the components of the bolt connection area more closely fit, to a certain extent, the effect of increasing the friction force is achieved, so more energy is dissipated during the cycle. Figures 8C, D show the hysteretic curves of the joints with different eccentricities. When the eccentricity increases from 50 mm to 100 mm, the ultimate load decreases from 300 kN to 275.4 kN. This is because the same load can produce greater moment when the eccentricity increases, and the rotation angle of the gusset plate will also increase, resulting in the failure of the joint. However, it has little effect on the shape of the hysteresis curve, because the load-displacement curve analysis focuses on the deformation of the branch angle steel rather than the rotation of the gusset plate. Compared with Figures 8G–I, the bolt grade is increased from 4.8 to 8.8, and the ultimate load is 239.25, 350 and 425 kN, respectively, which shows that increasing the bolt grade can effectively improve the bearing capacity of the joint, and meanwhile, the curve becomes more full.
[image: Figure 8]FIGURE 8 | Load-displacement curves of the K-joints. (A) Case B1, (B) Case B2, (C) Case B3, (D) Case B5, (E) Case B6, (F) Case B7, (G) Case B8, (H) Case B9, (I) Case B10.
As can be seen from Figure 8, the slope of the load-displacement curve decreases gradually during each cycle, indicating that the stiffness of the joint is degraded and the residual deformation is accumulated. The reason for this phenomenon is the yielding of members and bolts and the slipping of bolts. In addition, in the process of repeated loading, due to the existence of bolt clearance, both the bolt of the main angle steel and the bolt of the branch angle steel will slip a certain distance, which leads to the occurrence of the pinching phenomenon, making the hysteresis curve a pinched anti-S shape. If the clearance between the bolt and the screw hole is eliminated, a welding-like effect will be produced, and the hysteresis curve will also be in a full spindle shape, as shown in Figure 7. This shows that reducing the clearance and avoiding bolt slippage can improve the seismic performance and energy dissipation capacity of the K-joint.
3.3 Rigidity degeneration
According to the Chinese code (China Academy of Building Research, 2015), the secant stiffness Ki under each cycle is calculated by Eq. 1.
[image: image]
where + Fi and -Fi are the load values of the ith forward and reverse peak points; +Xi and -Xi are the displacement values of the ith forward and reverse peak points.
The secant stiffness Ki of the load-displacement curve of each cycle is shown in Figure 9. It can be seen from the figure that the secant stiffness of Case B4 and Case B8 suddenly decreases. As grade 4.8 ordinary bolts are used in Case B8, the shear strength is very low, and the bolts yield earlier, resulting in the early stage of the cycle joint stiffness decreased. Case B4 is similar to welding because there is no clearance. It can be seen from the shape of the hysteresis curve that there is an obvious yield point. When the component reaches yield, the stiffness of the joint will suddenly decrease first and then decrease slowly, while the stiffness degradation of other cases is generally gentle.
[image: Figure 9]FIGURE 9 | Stiffness degradation.
The stiffness of K-joints with larger eccentricity for the same material is generally lower. At the same time, the overall stiffness of the joint can be improved by increasing the strength of the component and upgrading the bolt grade.
In addition, Table 2 shows the initial stiffness K0 of K-joints under different conditions. It can be seen from the table that the initial stiffness of the K-joints in the elastic state has little different.
TABLE 2 | Initial stiffness of K-joint.
[image: Table 2]4 CONCLUSION
In this paper, the influence of bolt slip on the hysteretic characteristics of K-joints under cyclic loading is mainly studied. The following conclusions are obtained from the analysis of failure mode, hysteretic curve and stiffness degradation:
(1) The stress state significantly impacts the bearing capacity of K-joints. The ultimate bearing capacity of K-joints under single branch member loading is much higher than that under double branch members loading. The most unfavorable load condition of K-joints is that one branch member bears tension and the other branch member bears compression.
(2) The loading method affects the failure position of the K-joint. Under single branch angle steel cyclic loading, the bolt of the branch angle steel is first destroyed, while under double branch angle steel cyclic loading, the bolt of the main angle steel is destroyed earlier than the bolt of the branch angle steel due to the greater resultant force.
(3) The existence of clearance not only leads to the decrease of bearing capacity of joints, but also affects the hysteretic performance.
(4) The plumpness of the hysteresis curve can be increased by increasing the preload of the bolt, increasing the strength of the component or reducing the clearance.
(5) With the increase in the number of loading cycles, K-joints show a trend of stiffness degradation. Increasing the strength of the component or the bolt grade can improve the overall stiffness of the K-joint, but the initial stiffness of each case has little difference.
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The single pile offshore wind turbine foundation is a typical flexible structure, and the dynamic interac-tion between ice and structure is complex. Ice-induced vibrations can affect the normal operation of the upper motor and the safety of the foundation structure. This paper takes the interaction between ice and offshore platform in the Bohai Sea as the research object and discusses the strategies to mitigate the ice- induced vibrations of offshore wind turbine foundation. Through a simplified mechanical model of a damping vibration isolation system, the relationship between the parameters of the damping isolation layer and the structural damping ratio was analyzed. Based on the numerical simulation results, it was found that the damping isolation layer with a damping ratio of 0.2 can play a better role in controlling structural displacement and acceleration response under the action of steady-state and random ice forces. It provides a reference for the design of ice-resistant and safe operation of the offshore wind turbine.
Keywords: wind turbine foundation, ice-induced vibrations, vibration mitigation, damping vibration isolation, self-excited vibration
1 INTRODUCTION
As a renewable and pollution-free clean energy, wind energy can effectively solve the energy shortage problem of human development. Therefore, the wind power industry has attracted the attention on countries in the world. The development of offshore wind turbine in China is relatively late, but China has a vast territory, with a coastline of 18,000 km, and offshore wind energy reserves of approximately 750 million kilowatts (Yang and Gui, 2010), which has huge development potential. The Bohai Sea and the Yellow Sea in China have higher latitudes and are affected by cold air. Compared with other sea areas, the air density and the wind energy density is higher respectively. Therefore, the Yellow Sea and the Bohai Sea are also the key sea areas for the development of offshore wind power in China. However, the intrusion into cold waves and cold air in winter will cause serious ice conditions in these sea areas. The continuous and strong vibration of marine structures caused by sea ice will cause structural damage, collapse and other catastrophic accidents (Clough and Vinson, 1986). Therefore, development in icy sea areas wind power must fully consider the impact on sea ice (Sacki et al., 1986). In addition, offshore wind turbine towers and foundations are simultaneously coupled with three structural features: high-rise structures, large power equipment foundations and marine engineering (Zhang et al., 2018). The vibration of wind turbines has a significant impact on the safe operation of supporting structures and power generation equipment, and therefore it is necessary to use vibration reduction technology. To control the ice-induced vibration of the offshore wind turbine infrastructure.
At present, the research on wind turbine foundation vibration control is mainly based on wind, wave and seismic loads. Balendra proposed a U-shaped tuned liquid damper (TLCD) to control the vibration of the wind turbine tower formed by the wind load (Balendra et al., 1995); Murtagh proposed a tuned mass damper (TMD) to control the vibration of the wind turbine structure (Murtagh et al., 2008); Woude and Narasimhan pointed out that the vibration isolation device can effectively reduce the vibration response of the wind turbine structure (Woude and Narasimhan, 2014); Colwell and Basu pointed out the tuned liquid column damper (TLCD) can reduce the vibration of the offshore single-pile wind turbine under the action of wave load (Colwell and Basu, 2009); Cui Qiong used a suspended tuned mass damper device to reduce the vibration of the wind turbine structure under seismic load (Cui, 2011). The research on ice-induced vibration control is mainly for the Bohai Sea oil and gas platform structure. Ou Jinping proposed to use the concentrated deformation of the structural damping vibration isolation layer to reduce the ice-induced vibration of the platform (Ou et al., 2002); Chen Xing investigated the design of the tank size of the tuned liquid damper (TLD), and experimented and analyzed its ice vibration reduction effect (Chen et al., 1995); Wei Jinsheng pointed out that adding a viscoelastic energy dissipation diagonal brace structure to the structure can achieve a vibration reduction effect similar to springs and dampers (Wei et al., 1997); Yue et al. (2009), Zhang et al. (2009) studied the application of tuned mass damper for ice vibration control, proposed related vibration control algorithms, and experimentally verified that the tuned mass damper strategy can effectively control platform ice-induced vibration (Zhang et al., 2007; Zhang et al., 2010); Wang Yanlin et al. based on on-site monitoring, analysis showed that the ice-induced upper decks vibration control effect of JZ20-2NW platform after adopting damping vibration isolation measures is obvious (Wana et al., 2012). It can be seen that there are few researches on ice vibration control design of offshore wind turbine foundation.
This paper takes the offshore single-pile wind turbine as the research object, proposes a damping vibration isolation scheme and calculates its ice vibration control effect, which provides a theoretical reference for the anti-icing vibration design and safe operation of wind turbines in ice areas.
2 STRUCTURAL DYNAMIC CHARACTERISTICS AND ICE VIBRATION ANALYSIS OF SINGLE-PILE WIND TURBINE
The single-pile wind turbine has a simple structure, the main structure was composed of a tower and a single-pile foundation to support the upper nacelle and wind blades.
2.1 Analysis of structural dynamic characteristics
The diameter of the single-pile wind turbine foundation structure is generally about 3∼6 m, which is suitable for the water depth range of 10–40 m. The disadvantage is that, the flexibility of the single-pile is obvious when the water is deep, and the excessive relative displacement and vibration of the upper end of the support structure are the limiting conditions for its development. The finite element model is established based on ANSYS software. The mass of the upper unit is 220 t, with the horizontal plane as the coordinate origin. The tower structure is about 90 m above the water surface, 5.5 m in diameter at the waterline (upper section of foundation), 6.7 m in diameter at the lower section of foundation and 0.065–0.07 m in wall thickness. Beam188 unit is adopted. The diameter of the tower is 3.3–5.5 m, the wall thickness is 0.014–0.039 m, and beam188 unit is adopted. According to the mass of blade and nose, the position of the upper center of mass is: x = 3.37 m, y = 0, z = 2.06 m, which is simulated by MASS21 mass unit and fixedly connected with the top of tower. By adjusting the model grid, the grid of the foundation part with the same diameter is divided into four parts, and the grid size of the tower tube is set to 0.2 m to meet the requirements of calculation accuracy and efficiency. The foundation below the mud surface of the fan is established by the method of 6 times of pile diameter, and the bottom of the foundation is fully constrained, with the ice force acting at the coordinate origin, as shown in Figure 1.
[image: Figure 1]FIGURE 1 | The finite element model of single pile wind turbine.
Based on the modal analysis, the first four frequencies of the structure was obtained, as shown in Table 1.
TABLE 1 | The first four natural vibration frequencies of wind turbine.
[image: Table 1]Since the overall structure of the single-pile wind turbine foundation is basically symmetrical, the first and second vibration frequencies of the structure are almost equal, and the third and fourth vibration frequencies of the structure are almost equal. The first-order frequency of the structure is consistent with the given first-order fundamental frequency of the whole machine (0.240Hz–0.287 Hz), and the numerical model can reflect the dynamic characteristics of the structure.
2.2 Analysis of ice-induced vibration
When the ice speed was slow, the action of ice and structure will cause strong steady-state vibration. Kärnä (Karna et al., 2007) gave a simplified triangular wave time-domain function based on the measured ice force time history of self-excited vibration in the Bohai Sea, which shows the characteristics of ice force change in time for self-excited vibration, as shown in Figure 2.
[image: Figure 2]FIGURE 2 | The model of steady-state ice force.
Among them, Fmax is the extreme value of ice force, which can be taken as the extreme value of static ice force; ΔF = qFmax,q is 0.1–0.5, where 0.4 is taken here; Fmean is the average value of ice force; T is the ice force period, which can be approximated as the natural period of the structure of the calculation; α is the loading stage coefficient, where 0.8 is taken here.
The calculation of the extreme static ice force uses the formula given in the API RP-2N specification:
[image: image]
Among them, k is the reduction factor, where 0.7 is taken here; D and h represent the diameter of the structural leg and the ice thickness; σc represents the uniaxial compressive strength of the ice.
When the ice speed was fast, irregular and random ice forces were formed, causing structural vibration.
Use ANSYS transient dynamics analysis, the displacement and acceleration time history curves of the structure under steady state (extreme ice thickness 45 cm) and random dynamic ice force was obtained, as shown in Figures 3, 4.
[image: Figure 3]FIGURE 3 | The acceleration and displacement response of wind turbine room under steady-state ice force.
[image: Figure 4]FIGURE 4 | The acceleration and displacement response of wind turbine room under random ice force.
The results show that, compared with the steady-state ice force, the structural response under random ice force (10 cm ice thickness) is smaller, but it cannot be ignored. Under extreme steady-state ice forces, the vibration acceleration on top of the foundation reached 4.198 m/s2 and the displacement reached 1.801 m, Large vibration and upper deformation pose a greater threat to the structure itself and electromechanical equipment, and control measures need to be taken.
3 DAMPING LAYER VIBRATION ISOLATION SCHEME AND PRINCIPLE ANALYSIS
Based on the structural vibration control theory, and considering the towering and flexible structural characteristics of offshore wind turbines, a damping layer vibration isolation control scheme suitable for offshore wind power structures was proposed, and the structural model was simplified.
3.1 Vibration isolation scheme of damping layer
A damping and vibration isolation layer was set between the top of the wind turbine tower and the wind turbine head, the specific location was to replace a section of the tower connecting the tower with the unit on the top, and use a flange to connect it. The damping vibration isolation layer was mainly composed of a flexible vibration isolation support and a damping energy dissipation device, as shown in Figure 5. Among them, 1 is connected flange, 2 is spherical hinge, 3 is viscous damper, and 4 is flexible vibration isolation support, the device connects the lower part of the nose to the wind turbine foundation tower by bolts. When the wind turbine tower vibrates, the flexible vibration isolation support and viscous damper will swing 360° with the tower axis as the center. Because the lateral stiffness of the vibration isolation support was relatively small, the vibration isolation layer of the structure was vibrated horizontally. The relative deformation between the layers was larger, so the deformation of the vibration isolation support was limited by setting the damping energy dissipation device.
[image: Figure 5]FIGURE 5 | The schematic diagram of damping vibration isolation layer.
The concentrated deformation of the vibration isolation layer and the damping energy dissipator dissipated the input energy of the structure, achieve the purpose of reducing the vibration response to the structure, and protect the upper machine head equipment and reduce the fatigue damage to the structure. In the analysis, the damping and stiffness was mainly considered, and the combin14 spring element was used for simulation.
3.2 Simplified structural model
According to the calculation in Section 2.1, the first and second frequencies of the fan structure are 0.2717Hz and 0.2719 Hz respectively, and the offset of the center of mass mainly affects the first and second vibration modes and frequencies. Because the difference between the first and second frequencies is very small, it shows that the offset of the center of mass of the nose has little influence on the whole. Therefore, the structure of the fan is simplified to two degrees of freedom, without considering the influence of the offset of the center of mass of the nose, so as to calculate the stiffness and damping of the damping vibration isolation system.
After the damping isolation layer is applied, the structure is simplified into a three-degree-of-freedom energy dissipation and vibration reduction system, as shown in Figure 6. The lower foundation part of the structure is simplified into a mass point m1, its stiffness and damping coefficient are k1 and c1 respectively; a damping vibration isolation layer is set between the tower top and the wind turbine head, the stiffness and damping coefficient of the vibration isolation layer are k3 and c3 respectively; the wind turbine tower was simplified to a concentrated mass m3, its stiffness and damping coefficients are k2 and c2 respectively; the wind turbine head was simplified to a concentrated mass m3.
[image: Figure 6]FIGURE 6 | The simplified model of damping vibration isolation system.
The parameters of the simplified model are shown in Table 2.
TABLE 2 | The parameters of vibration isolation system simplified model.
[image: Table 2]The diaphragm stiffness k3 and damping coefficient c3 need to be analyzed and designed according to the control conditions of the vibration isolation system of the structure.
3.3 The damping ratio analysis
The damping ratio is an important parameter for dynamic calculations of structures, and it is also an important index to measure the energy dissipation of structures. Therefore, it is also regarded as an important metric to characterize the effect of vibration reduction schemes. The equivalent system of the structural damping and vibration isolation system model for offshore wind turbine is shown in Figure 7.
[image: Figure 7]FIGURE 7 | The equivalent system of damping vibration isolation simplified model.
The vibrational differential equations for multi-degrees of freedom systems can be expressed as:
[image: image]
Among them, M is the mass matrix, C is the damping matrix, K is the stiffness matrix, and F(t) is the external load on the structure. Isolate each mass point and perform force analysis to obtain the following matrix form:
[image: image]
[image: image]
[image: image]
The linear vibration of the structure can be obtained by the superposition of the various modes, so the real mode vibration type matrix of the structure Φ is introduced:
[image: image]
Among them, ϕi is the order i vibration type of the system.
Order:
[image: image]
[image: image]
[image: image]
[image: image]
Among them, Mn, Kn, Cn, and Fn(t) represent the generalized mass, generalized stiffness, generalized damping, generalized load of the order n vibration type respectively.
Introduced the damping ratio:
[image: image]
In formula [image: image], [image: image] is the damping ratio of the order n.
The eigenvalue expression of the structural vibration differential equation is:
[image: image]
Based on MATLAB programming, the expression of structural vibration mode and its frequency can be found, because the vibration pattern and frequency expression is not listed here. From Eq. 11, the first vibration type damping ratio of the system is expressed as:
[image: image]
4 ANALYSIS OF PARAMETERS AND CONTROL EFFECTS
The relative displacement between the damping and vibration isolation layers should not be too large. If the relative displacement between the layers is too large (the stiffness is too small), it will cause a large horizontal deformation between the nose of the offshore wind turbine structure and the wind turbine tower, which is not conducive to the safe operation of the offshore wind turbine structure. The stiffness k3 and damping coefficient c3 of the damped vibration isolation layer are the two key parameters for the design of the vibration isolation layer.
4.1 Stiffness coefficient of vibration isolation layer
According to Eq. 13, the first mode damping ratio ξ1 can be obtained as the expression of the damping coefficient c3 and the stiffness coefficient k3 of the damping vibration isolation layer. In order to facilitate calculation and analysis, while considering that the stiffness design of the vibration isolation layer should match the stiffness of the tower at the location of the vibration isolation layer, the stiffness coefficient k3 of the damping vibration isolation layer was expressed as a multiple of the wind turbine tower stiffness coefficient k2 for analysis.
Figure 8 shows the variation law between the first mode damping ratio ξ1 of the structure and the damping coefficient c3 of the damping vibration isolation layer under different damping vibration isolation layer stiffness.
[image: Figure 8]FIGURE 8 | The relation between damping ratio and damping coefficient of vibration isolation layer.
The change of ξ1 with c3 shows a linear relationship, and when k3 increases, the rate of change of ξ1 decreases.
When the modal damping ratio of the structure is greater than 0.2, the damping stiffness of the structure was increased, and the damping coefficient increases significantly, which is difficult to achieve, and the damping effect of the damping vibration isolation layer will no longer be obvious (LONG et al., 2001). Therefore, the first mode damping ratio ξ1 of the damping vibration isolation system is taken as .2 in the analysis.
The first order natural frequency of the flexible wind turbine structure should meet the passing frequency P-3P of the wind turbine blade (p = r/60, r is the blade speed, the unit is r/min, here is 12 r/min), Table 3 shows the first order fundamental frequency corresponding to different stiffness coefficients of the wind turbine damping vibration isolation system and the relative difference with the fundamental frequency of the original structure are obtained.
TABLE 3 | The first frequency of damping vibration isolation system under different stiffness coefficients.
[image: Table 3]It can be seen that with the increase in the damping coefficient k3, the first-order fundamental frequency of the wind turbine damping vibration isolation system increases and continues to approach the original structure; when k3≧0.6 k2, the first-order fundamental frequency satisfies the passage frequency range of the structural blade and was compared with the original structure base frequency, the relative frequency difference is small; therefore, considering that the dynamic characteristics of the overall structure meet the requirements, the stiffness coefficient of the damping isolation layer should be at least 0.6 times the stiffness coefficient of the tower.
4.2 Damping coefficient of vibration insulation layer
When k3 and ξ1 are determined, the values of c3 are obtained.
Figure 9 shows the relationship between the damping coefficient c3 and the stiffness ratio. With the increasing stiffness ratio, c3 increases accordingly.
[image: Figure 9]FIGURE 9 | The relation between damping coefficient and stiffness ratio of vibration isolation layer.
Meanwhile, in order to clarify the effect of the stiffness parameter k3 on the damping effect of the offshore structure, choose k3 at 0.6 k2(Case1), 0.8 k2(Case2), 1.0 k2(Case3), 1.2 k2(Case4), 1.4 k2(Case5), 1.6 k2(Case6), analyses the damping effect under different parameters, and the calculation parameters of the simplified model are shown in Table 4.
TABLE 4 | The calculation parameters of damping vibration isolation system simplified model.
[image: Table 4]4.3 Analysis of vibration control effect
Analyze and calculate the dynamic response to the single pile offshore wind turbine structure under steady ice force and random ice force after adding the damping vibration isolation layer, and use ηi to evaluate the vibration control effect under different parameters, and further clarify the relevant parameters of the vibration isolation layer, among them, ηi = 1-iAfter control/iBefore control, i represents the root mean square value of acceleration and displacement response. The larger the value, the better the control effect.
4.3.1 Analysis of vibration control under steady-state ice force
Figure 10 shows the acceleration and displacement response time history of the wind turbine head before and after the addition of the vibration isolation layer under the action of steady-state ice force. The analysis shows that after adding the damped vibration isolation layer, the top displacement and acceleration response amplitude of the structure is greatly reduced, and the vibration isolation system has a good control effect.
[image: Figure 10]FIGURE 10 | The acceleration and displacement control effectiveness when stiffness ratio is .8 under steady-state ice force.
Figure 11 shows the control effect of different parameters under the action of steady-state ice force.
[image: Figure 11]FIGURE 11 | The control effectiveness of different stiffness ratios under steady-state ice force.
When under the steady state ice, the damping vibration isolation layer stiffness coefficient k3 is greater than .6 k2, a good control effect can be achieved, and the control effect is greater than 50%; the larger the k3 is, the worse the control effect. At the same time, considering that the inter-layer displacement of the damping vibration isolation layer should not be too large, the stiffness should not be too small.
4.3.2 Analysis of vibration control under random ice force
Figure 12 shows the acceleration and displacement response time history of the wind turbine head before and after the addition of the vibration isolation layer under the action of random ice force. The analysis shows that after adding the damped vibration isolation layer, the top displacement and acceleration response amplitude of the structure decreases, and the vibration isolation system has a better control effect.
[image: Figure 12]FIGURE 12 | The acceleration and displacement control effectiveness when stiffness ratio is .8 under random ice force.
Figure 13 shows the control effectiveness of different parameters under the action of random ice force.
[image: Figure 13]FIGURE 13 | The control effectiveness of different stiffness ratios under random ice force.
Compared with the steady state ice, the damping vibration isolation layer under random ice force has a lower control effect on the structure response, and the control effect is less than 60%; the displacement control effect is lower than the acceleration control effect; and the larger the k3, the worse the control effect. Therefore, the stiffness coefficient k3 should not be too large; but at the same time, considering that the inter-layer displacement of the damping vibration isolation layer should not be too large and the stiffness should not be too small, it is recommended to select the damping vibration isolation layer stiffness k3 to be 1.0–1.4 times the tower stiffness k2.
Based on the above analysis, considering the effects of steady state and random ice forces, it is recommended to select the stiffness k3 of the damping vibration isolation layer to be with in this 1.0–1.4 range of times the tower stiffness k2, and the corresponding damping coefficient c3 is 1828.78–3476.98 (kN·s/m).
5 CONCLUSION
Offshore wind turbine in cold regions faced the greater threat of sea ice and under the action of sea ice the structure will have obvious ice-induced vibration. Therefore, which is not conducive to the safe operation of wind turbines and it is essential to take corresponding control measures to achieve structural ice vibration control. In this paper, facing the offshore single-pile wind turbine structure in cold regions and the ice vibration control scheme of damping vibration isolation was proposed. Based on numerical calculation, the vibration control effect under different ice force excitation was analyzed, and the relevant parameters of the damping vibration isolation layer was clarified. The main conclusions are as follows:
1) The single-pile wind turbine has a simple structure, the tower and upper nacelle are supported on the upper part of the single-pile foundation. Compared with the traditional marine engineering structure, the wind turbine structure has a larger diameter at the waterline, a higher height, and a mass concentration on the top with the small fundamental frequency, and it is a typical high-rise flexible structure. The structure produces a relatively obvious dynamic response under the action of sea ice, which poses a non-negligible threat to the structural safety and normal operation of the wind turbine. Especially under the action of steady-state ice force, the large vibration and displacement of the nose position poses a greater threat to the structure and the electromechanical equipment, and it is necessary to take relevant control measures.
2) Damping vibration isolation could effectively reduce the influence of external excitation on the structure, aiming at the towering and flexible structural characteristics of offshore wind turbines. So that, a damping layer vibration isolation control scheme suitable for offshore wind power structures is proposed. A damping isolation layer is set between the top of the wind turbine tower and the wind turbine head, and based on the vibration control theory, a simplified calculation model of the wind turbine three-degree-of-freedom damping isolation system was established.
3) The analysis shows that when the stiffness coefficient of the vibration isolation layer is at least 0.6 times to the tower stiffness coefficient, the dynamic characteristics of the damping vibration isolation system are similar to the original structure and meet the design requirements. The first mode damping ratio ξ1 of the damping vibration isolation system and the change of layer damping coefficient showed to be a linear relationship, and as the stiffness of the vibration isolation layer increases and the rate of change of ξ1 decreases. Moreover, in order to prevent the lateral displacement of the damping vibration isolation layer from being too large, the stiffness of the vibration isolation layer should not be too small. When the damping ratio of the first mode was greater than .2 and if the damping stiffness of the structure increase and that will increase the damping coefficient significantly. On the other hand, the increase in damping will decrease the damping effect of the damping isolation layer. Therefore, the ice vibration control effect of the damping vibration isolation system under different vibration isolation layer parameters when the damping ratio .2 was measured and calculated, the results show that the damping vibration isolation layer could play a better structural displacement and acceleration response control effect under both steady-state ice force and random ice force. That was the greater the stiffness of the damping vibration isolation layer, the worse the control effect, and the stiffness of the vibration isolation layer should not be too large. Comprehensive analysis suggests that the stiffness of the damping isolation layer should be within 1–1.4 times ranges the stiffness of the wind turbine tower.
4) This wok proposed a vibration isolation layer control method for the sea ice loads and investigated the influences, whether the vibration damping device could play a better control effect under the action of wind load still needs in-depth analysis. At the same time, the engineering applicability of the anti-icing device needs to be further studied.
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Chloride-induced corrosion is an important factor that affects the durability of building structures in coastal areas; it causes serious deterioration of reinforced concrete (RC) structures and leads to structural failure. However, chloride-induced corrosion is a slow process which spans the whole service life of building structures, and many factors can affect their service life, such as location, structural design, and drug management. This paper aims to predict the service life of building structures in terms of chloride-induced corrosion and through the concept of engineering vulnerability. It first investigates the model of corrosion initiation of reinforcement, along with the consequent concrete cover cracking. Second, according to the characteristics of building structure and corrosion, it determines an evaluation index system of engineering vulnerability and establishes an evaluation method of engineering vulnerability, considering that corrosion is based on the AHP method and fuzzy comprehensive evaluation. Finally, using a case study of a pharmaceutical factory structure in a coastal city, this study verifies the feasibility of the assessment method considering corrosion effects.
Keywords: building structure, chloride-induced corrosion, corrosion initiation, concrete cover cracking time, engineering vulnerability
INTRODUCTION
A marine environment is one of the worst conditions for concrete structures, with marine concrete structures prone to durability damage due to combined physical, chemical, and mechanical factors. Among these factors, chloride attack is the main reason for reinforcement corrosion, concrete cover spalling, decreased bearing capacity, and structural concrete failure. As major building structures in coastal areas, pharmaceutical factories also suffer from chlorine-induced reinforcement corrosion, which destroy the passivation film of steel bars and thus reduce the cross-sectional area. Due to the continuous accumulation of corrosion byproducts, concrete covers will corrode and crack, leading to early damage to structures and the attenuation of their bearing capacity—structures may even be unable to meet their normal use and structural safety performance requirements of their design and use (Du et al., 2005; Jin et al., 2007; Wu and Yuan, 2008; Luo and NiuSu, 2019; Zhang et al., 2021). Chloride-induced reinforcement corrosion is one of the main factors affecting the service life of building structures, and other factors need to be considered in this light. Engineering vulnerability can fully reflect the potential impact of internal and external factors on building structures and has been widely used in recent years to guide disaster prevention and mitigation through rapid response and early prediction (Chen et al., 2020). Therefore, it is very important to correctly evaluate the service life of building structures under the influence of reinforcement corrosion based on the concept of engineering vulnerability.
Many building structures have long stood in chloride-laden environments in coastal areas. The corrosion process includes corrosion initiation of reinforcement (corrosion critical point) (Apostolopoulos et al., 2013; Wang et al., 2013) and concrete cover cracking (cracking critical point) (Reale and O’Connor, 2012; Jamali et al., 2013), which have generally been regarded as failure criteria for assessing the service life of RC structures (Bazant, 1979a; Bitaraf and Mohammadi, 2008; Matsumura et al., 2008; Pour-Ghaz et al., 2009; Jang and Oh, 2010; Leonid et al., 2010; AI-Harthy et al., 2011; Guzmán et al., 2011; Wang et al., 2018; Tian et al., 2019). Therefore, a large number of theoretical models have been investigated to predict these two important stages (Bazant, 1979a; Bazant, 1979b; Morinaga, 1990; Liu and Weyers, 1998; Wu, 2006; Maaddawy and Soudki, 2007; Tamer and Khaled, 2007; Bitaraf and Mohammadi, 2008; Matsumura et al., 2008; Wang et al., 2008; Pour-Ghaz et al., 2009; Jang and Oh, 2010; Leonid et al., 2010; Lu et al., 2010; Zhang et al., 2010; AI-Harthy et al., 2011; Guzmán et al., 2011; Jin and Zhao, 2014; Liu and Yu, 2016; Zhang et al., 2017; Wang et al., 2018; Tian et al., 2019; Lun et al., 2021). Such studies have established a strong theoretical background for the focus of this study.
The current model of the chloride penetration process is based on Fick’s second law, which is mainly affected by the diffusion coefficient of chloride ions, the critical concentration of chloride ions on the surface of reinforcement, the concentration of chloride ions on the surface of concrete, and the concrete cover depth (Bitaraf and Mohammadi, 2008; Matsumura et al., 2008; Pour-Ghaz et al., 2009; Wang et al., 2012; Wang et al., 2018; Tian et al., 2019). Among these, the diffusion coefficient of chloride ion and the critical concentration of chloride ions are greatly variable and are important factors which affect the length of the first stage. Many factors affect the diffusion coefficient of chloride ions, such as concrete hydration age, temperature, and relative humidity; the influencing factors are not independent and have a complex non-linear relationship, so it is difficult to establish a model that includes all influencing factors.
As another important corrosion stage, the various prediction models of the time for concrete cover cracking have been widely studied (Bazant, 1979a; Bazant, 1979b; Morinaga, 1990; Liu and Weyers, 1998; Wu, 2006; Maaddawy and Soudki, 2007; Tamer and Khaled, 2007; Wang et al., 2008; Jang and Oh, 2010; Leonid et al., 2010; Lu et al., 2010; Zhang et al., 2010; AI-Harthy et al., 2011; Guzmán et al., 2011; Jin and Zhao, 2014; Liu and Yu, 2016; Zhang et al., 2017; Lun et al., 2021). The theoretical models of concrete cover cracking time have been based on elastic, elastoplastic, damage, or fracture mechanics—considering the internal relationships between concrete cover cracking time and basic material parameters (e.g., elastic model, cover depth, reinforcement diameter, and pore zone thickness) and other parameters (e.g., temperature, corrosion current density, and corrosion rate of reinforcement). These models have been established on a clear mechanical theoretical basis and derivation process, which can reflect the real dynamic process of rust cracking and meet the characteristics of concrete cover cracking. However, the versatility of the prediction models based on different mechanics is still uncertain.
Over their long service, building structures are not only subject to the deterioration of concrete caused by chloride-induced reinforcement corrosion but are also affected by their location, engineering design, structural construction, and drug management, resulting in significant differences in their state, causes of change, and development trends, similar to the engineering bearing model. This paper thus introduces the concept of “engineering vulnerability” for engineering geological disaster prevention research. Engineering vulnerability is usually investigated using other evaluation methods, such as analytic hierarchy process and fuzzy comprehensive analysis (Wang et al., 2022; Wu and Tang, 2022). As a non-engineering measure, engineering vulnerability has been fully applied in the evaluation of debris flow hazard in bridge and tunnel engineering (Xu et al., 2010; Xu et al., 2014), service state evaluation of high-speed railway subgrade (Chen et al., 2020), and seismic vulnerability evaluation of concrete structures (Qiang Zhang et al., 2020; Li et al., 2021; Marasco et al., 2021; Dai et al., 2022). These have achieved important research results which can fully reflect the potential impact of internal and external factors on building structures and provide a more scientific evaluation. There are, however, few reports on the service-life evaluation of building structures that consider corrosion effects based on engineering vulnerability. Therefore, it is of engineering significance to carry out a two-stage service-life assessment of building structures based on the concept of engineering vulnerability, considering the various factors related to the corrosion of building structures.
This study, based on previous service-life assessments in building structure research, investigates the engineering vulnerability analysis method for the service life of building structures considering corrosion effects. The model of the corrosion initiation of reinforcement is proposed based on Fick’s second law, considering the various important parameters; the applicability of the existing models proposed by many scholars for predicting cover cracking time in building structures is then analyzed to select the most reasonable cracking model by experimental comparison. Based on the concept of engineering vulnerability, an evaluation index system for the service life of building structures considering corrosion effects is established, and the evaluation results of actual building structures are obtained using an analytic hierarchy process and fuzzy comprehensive analysis methods.
RESEARCH ON SERVICE-LIFE PREDICTION OF BUILDING STRUCTURE
Based on previous research into building structure service life, this paper identifies two stages: corrosion initiation and cover cracking. Corrosion initiation occurs when chloride concentration on a steel surface reaches a critical value as an important dividing point, indicating that the passive film of the steel bar has just been destroyed. Concrete cover cracking is a process from the beginning of reinforcement corrosion to the concrete cover cracking, which represents the end of service life.
Model investigation for corrosion initiation
When concrete is saturated with water, the law of chloride penetration through concrete can be expressed based on Fick’s second law, as indicated by numerous studies (Bitaraf and Mohammadi, 2008; Matsumura et al., 2008; Pour-Ghaz et al., 2009; Wang et al., 2012; Wang et al., 2018):
[image: image]
where tin is the time of structure exposure to the chloride environment (s), C (x, tin) is the corresponding chloride concentration at depth x (m) (%/m3), D is the chloride diffusion coefficient (m2/s), Cs is chloride surface concentration (m2/s), and erf is the Gaussian error function.
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Therefore, Eq. 1 can be expressed as:
[image: image]
However, in actual concrete structures, the microstructure of the concrete changes over time, and the effective diffusion coefficient of chloride ions is not constant but varies; thus, an improved chloride diffusion coefficient was proposed by Zhu (2017) as follows:
[image: image]
where K is the deterioration effect coefficient of the chloride diffusion performance of concrete; m is the damped exponential, with a value of 0.64; RD is structural defect parameters; and D0 is the chloride diffusion coefficient of concrete at hydration age of t0, which is also affected by the w/c ratio, relative humidity, and temperature (Rodriguez and Hooton, 2003; Tang and Gulikers, 2007). In order to assess the effect of these parameters on the chloride diffusion coefficient, the corresponding correction diffusion coefficient D0 is established thus:
[image: image]
where λRH is the correction coefficient for relative humidity RH (%), λT is the corresponding coefficient for temperature T (K), and D28 is the chloride diffusion coefficient for a specimen under standard curing (28 days) (Tang and Gulikers, 2007; Bitaraf and Mohammadi, 2008).
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The parameters λRH and λT can be, respectively, expressed as
[image: image]
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where RHc is the threshold relative humidity (RHc = 75), R is the gas constant, U is the activation energy equal to 35,000 J/mol, and T28 is the temperature for standard curing on day 28 (293 K).
Substituting Eq. 5 into Eq. 4 leads to
[image: image]
When the critical concentration of chloride ions is Ccr and the concrete cover depth is C, the prediction formula of chloride penetration life can be obtained as follows:
[image: image]
Model investigation for cover cracking
Various models for predicting a corrosion-induced cracking model
Eight empirical and theoretical models were chosen to predict the concrete cover cracking time of chloride-contaminated building structures (Morinaga, 1990; Liu and Weyers, 1998; Wu, 2006; Maaddawy and Soudki, 2007; Lu et al., 2010; Zhang et al., 2010; Liu and Yu, 2016; Lun et al., 2021). These models were chosen to check versatility because they are based on different mechanics theories which can clearly reflect the variation of concrete corrosion. For a reasonable comparison between them, each model is briefly described.
Morinaga model (1990)
Morinaga (1990) proposed an expression of cover cracking time by considering the influencing factors of concrete cover depth, reinforcement diameter, and current corrosion density based on experimental data:
[image: image]
where tcr is the concrete cover cracking time (d), C is the concrete cover depth (mm), d is the reinforcement diameter (mm), and icorr is the corrosion’s current density (10−4 g/cm2/year).
This model is the earliest empirical model for predicting concrete cover cracking time and is easy to compute since the parameters are readily available. It provided important parameters for later researchers to establish theoretical models. However, Morinaga did not consider the influence of the corrosion rate and the thickness of the porous zone on concrete cover cracking time and also ignored the process of corrosion byproduct filling the gap between the steel bar and concrete.
Liu and Weyers model (1998)
Based on theoretical analysis, Liu and Weyers (1998) first obtained the corrosion quality of steel bars when the concrete cover cracked and constructed the relationship between the corrosion quality of steel bars and the cracking time based on the corrosion production rate kp to express a theoretical model of concrete cracking time as:
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where tcr is the concrete cover cracking time (a), Wcrit is the weight of the rust product when the concrete cover cracks (mg/mm), α is the coefficient related to the type of rust product, and icorr is the corrosion’s current density (μA/cm2).
This model is the earliest theoretical model for predicting cover cracking time and is discussed in research on the expansion process of corrosion products based on the theory of elasticity, considering the thickness of the pore area at the junction of concrete and steel bars. However, Liu and Weyers ignore the influence of the corrosion rate and cover depth on concrete cover cracking time, and the solution of Wcrit is also difficult.
Wu model (2006)
Based on the theory of elasticity and Faraday’s law of corrosion, the influence of corrosion current density proposed by Vu and Stewart (2000) on concrete cover cracking was considered by Wu (2006), who established a theoretical model of concrete cover cracking time in a natural corrosion environment as follows:
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where tcr is the concrete cover cracking time (a), m is the molecular weight of rust products, z is the ionic valence, C is concrete cover (cm), d is the reinforcement diameter (cm), ρcr is the corrosion rate of the reinforcement when the concrete cover is cracked, F is Faraday’s constant (value of 96,500 (C)), and w/c is the water–cement ratio.
Wu’s model effectively combines the factors of corrosion current density with the corrosion rate of reinforcement based on elastic mechanics, which have a great influence on the cover cracking time. However, the versatility of the selected corrosion current density and the rust expansion force requires further verification.
Maaddawy and Soudki model (2007)
Based on the theory of elasticity, Maaddawy and Soudki (2007) proposed a mathematical model from corrosion initiation to cracking, in which some important parameters such as reinforcement diameter, cover depth, the thickness of the pore area, and corrosion current density are considered. The prediction model is expressed as
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where tcr is the concrete cover cracking time (d); Eef is the effective modulus of elasticity of concrete, Eef = Ec/(1+φcr); φcr is the creep coefficient of concrete, with the value of 2.0; C is concrete cover (mm); ft is concrete tensile strength (MPa); d is the reinforcement diameter (mm); d0 is the thickness of the pore area (mm); icorr is corrosion current density (μA/cm2); v is Poisson’s ratio of concrete; and ψ is the representative, ψ = Y2/2C(C + Y),Y = d+2d0.
This mathematical model also uses the elastic mechanics theory of thick-walled cylinders to analyze the relationship between the cover cracking time and the material properties (Eef, d0, ft, and v), the importance of which is also considered by certain models. However, the versatility of the Maaddawy and Soudki model also needs similar verification as Wu (2006).
Lu et al. model (2010)
Lu et al. (2010) established a model based on the theory of elasticity and Faraday’s law of corrosion that, when a concrete cover cracks, the corrosion rate and the theoretical model of concrete cover cracking time considers the deformation characteristics of rust products and the entry of rust products into the crack:
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where tcr is the concrete cover cracking time (h); d0 is the thickness of the pore area (mm); k is the correction factor of corrosion depth; n is the volume expansion rate of rust products; r0 is the thick-walled cylinder inner radius (mm), r0 = d/2 + d0; icorr is the corrosion current density (μA/cm2); and νc is Poisson’s ratio of concrete.
This theoretical model was developed based on the elasticity theory and Faraday’s law of corrosion, which consider the influence on concrete cover cracking time of the deformation characteristics of rust products and rust byproducts filling cracks. However, like other models based on elastic mechanics, the adaptability of the Lu et al. model needs further verification.
Zhang et al. model (2010)
Zhang et al. (2010) proposed a dynamic cracking time model in two stages—the fine cracking initiation and concrete cover cracking, considering the effect of initial defects, in which cracking time contained the solution process of the initial fracture toughness and the unstable fracture toughness of corrosion-induced cracking after considering the size effect based on fracture mechanics and double K theory.
The initiation of fine cracking time is
[image: image]
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The concrete cover cracking time is
[image: image]
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where tcrini, tcrun is the time to fine crack initiation and the time to concrete cover cracking (d); u1ini, u1un is the radial displacement; Wcrini, Wcrun is the mass of steel (mg/mm) per unit length of the reinforcement being consumed by the corrosion process; ρs is the mass density of reinforcing steel; α1 is the ratio of the volume of expansive corrosion byproduct to the volume of iron consumed during corrosion; and α is the ratio of the molecular weight of iron to the molecular weight of corrosion products.
Zhang et al. principally considered the coupled effect of initial micro-crack propagation, corrosion current density, the creep of concrete cover, and the softening character of concrete on the concrete cover cracking time under two concrete saturations. They adopt fracture toughness in fracture mechanics to study the whole process of cover cracking, considering the influence of the actual defect in the concrete. However, the expressions of the corrosion rate and corrosion current density are not reflected.
Liu and Yu model (2016)
Based on the elastic-plastic theory and Faraday’s law of corrosion, Liu and Yu (2016) developed a uniform rust-expansion thick-walled cylinder model and prediction model of cover cracking time, expressed as
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where A can be expressed as
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where tcr is the concrete cover cracking time (h); n is the volume expansion rate of rust products; Δ is the average volumetric strain in the plastic zone; α is the ratio of tensile strength to the compressive strength of concrete, and α = σt/σc; ν is Poisson’s ratio of concrete.
This model uses the double shear strength criterion and the thick-walled cylinder theory to perform an elastic–plastic analysis of the uniform cracking process of the concrete cover, providing a new research method for corrosion cracking. However, the adaptability of the model needs further verification.
Lun et al. model (2021)
Based on fracture mechanics and double K theory (Zhang et al., 2010), Lun et al. (2021) proposed a theoretical model of the natural corrosion of cover cracking and electrification acceleration which considers the initial defect shape inside the concrete and the modified corrosion rate formula of reinforcement, which can be expressed as follows:
The cracking time in a natural corrosive environment:
[image: image]
where H* can be expressed as
[image: image]
where tcr is the concrete cover cracking time (a), ρcr is the corrosion rate of reinforcement (%), Ct is concrete chloride content (kg/m3), and ρ is concrete resistivity (kohm.cm).
Electrically accelerated cracking time:
[image: image]
where tcr is the concrete cover cracking time (d) and a, b, c are the combination coefficients (Lun et al., 2021).
Both internal and external factors are taken into account in this model, which truly reflects the influence of corrosion current density and the initial defect shape inside the concrete on cover cracking; it is an effectively improved model for predicting the true value of the actual project, with engineering application significance.
Through the analysis of the aforementioned models, each of the cracking models are largely different and consider different parameters based on the mechanical model. However, cover depth, corrosion current density, and reinforcement diameter have a relatively large effect on concrete cover cracking time, which are considered by each predicted model. However, it should be noted that the units of concrete cover cracking time including time (years, days, or hours) and current corrosion density (μA/cm2 or 10−4 g/cm2/year) need to be calculated and unified. To more effectively compare the analysis results, the eight different concrete cover cracking time models need to be normalized regarding these two factors.
Comparison of different concrete cover cracking time models
In order to quantitatively compare the differences between different models, the five-year naturally exposed experiments conducted by Liu and Weyers (1998) was used, which have very persuasive model validation. The experimental data of slabs are listed in Table 1, which illustrates the specimen numbers, chloride content (Ct), ambient temperature (T), elastic modulus (Ec), Poisson’s ratio (vc), tensile strength (ft), compressive strength (fc), and corrosion current density (icorr).
TABLE 1 | Value of basic parameters.
[image: Table 1]The computation parameters of the model based on fracture mechanics are the stable values of [image: image] and [image: image] for concrete taken as 1.034 [image: image] and 2.072 [image: image], respectively (Wu et al., 2001). The corresponding coefficient variations are 0.061 and 0.073, respectively, and the initial defect length a is 2 mm.
Using computational analysis, the comparison results with experimental data are shown in Figure 1, and the ratio of the experimental results and the calculated results of the different models are shown in Figure 2. The mean (M) and coefficient of variation (CV) for the different models are listed in Table 2.
[image: Figure 1]FIGURE 1 | Comparison of results of different cover cracking time models.
[image: Figure 2]FIGURE 2 | Comparison of experimental results with results predicted by the models.
TABLE 2 | Comparisons of cover cracking time obtained from experiments and the predictions of these models.
[image: Table 2]As can be seen in Figure 1, the cracking time results calculated by each cover cracking model are different. The predicted cracking time values are almost the same for the theoretical models based on fracture mechanics proposed by Zhang et al. (2010) and Lun et al. (2021). These were both close to the experimental results, indicating that the theoretical model established by fracture mechanics can accurately predict cracking time. Similarly, Liu and Weyers (1998) and Wu (2006) also reach similar conclusions and laws, which are based on elastic mechanics. However, the prediction results of Liu and Weyers (1998) are less than the experimental results, and Wu (2006) shows the opposite result; this may be related to the different parameters and modeling processes. Morinaga (1990)—an empirical model with three parameters—also agrees well with the experimental data, and the predicted results are the same as Wu (2006). The predicted results of Liu and Yu (2016) are almost the same as the experimental results (S1 and S4), but show a big difference (S2 and S4). The predicted results of Maaddawy and Soudki (2007) and Lu et al. (2010), which both considered the effective elastic model of concrete and the tensile strength of concrete, are generally much smaller than the experimental results. However, these models all show similar variation with changes in the test data.
As shown in Figure 2 and Table 2, the mean ratio similarly ranged from 0.769 (Wu) to 5.356 (Lu et al.), and the coefficient of the variation of the ratio ranged from 0.003 (Morinaga) to 0.138 (Liu and Yu). Moreover, Lun et al. (2021) proposed a theoretical model based on fracture mechanics and provided the best results, with a mean ratio of 0.994 and a coefficient of variation ratio of 0.005; Zhang et al. (2010) also provided excellent results, with a mean ratio of 1.032 and coefficient of variation ratio of 0.007. Although Morinaga provided the best results with a coefficient of variation ratio of 0.003, the mean ratio of 0.796 was poor. The mean ratio of Liu and Yu (2016) and Lu et al. (2010) is 0.791 and 5.356, respectively, and the coefficient of variation ratio is 0.138 and 0.013, which show much dispersion and difference in numbers. There are thus great differences between the calculated results of these cracking models and the experiment.
From the aforementioned findings in terms of mean and variability, Lun et al. (2021) best agree with the experimental data, which considers more comprehensive factors and the actual situation of concrete structures.
Through the previous analysis, the service lifetime t of a building structure includes two parts: corrosion initiation of reinforcement and concrete cover cracking. The equation of life prediction is
[image: image]
For the same building structure, the service life cycle from chloride penetration to reinforcement corrosion to concrete cover cracking is defined, which is the core content of service-life assessment.
EVALUATION INDEX SYSTEM OF THE ENGINEERING VULNERABILITY OF STRUCTURES
It is well known that, in the long-term service process of building structures in coastal areas, in addition to chloride-induced-reinforcement corrosion, they are also affected by subjective factors such as structural characteristics, engineering design, and management technology. It is necessary to adopt a more reasonable evaluation method to evaluate the service life of building structures, and such evaluation must be based on the concept of engineering vulnerability for an effective result.
Selection of evaluation factors
Based on the understanding that engineering vulnerability reflects the differences between the structure, materials, engineering geological conditions of the engineering body, and the potentially harmful service environment of the structure, the selection of building site B1, design factor B2, construction factor B3, service factor B4, and drug management B5 are selected as first-level evaluation factors. B1 focuses on the spatial relationship between the structure and the coastline and the impact of engineering geology at the location of the structure on the vulnerability of the project (C11∼C13); B2 focuses on the influence of factors such as structure type and concrete strength (C21∼C24); B3 focuses on the influence of factors such as the quality of construction personnel and construction quality (C31∼C32); B4 focuses on the influence of factors such as maintenance strength, concrete deterioration caused by corrosion (C41∼C43); B5 focuses on the influence of factors such as the drug leakage area and drug management strength (C51∼C53) (Table 3).
TABLE 3 | Probability characteristics of modeling uncertainty parameters (Wei et al., 2008; Li, 2012; DB11∕637-2015 and Standard for structure comprehensive, 2015; Zhang and Xu, 2021; Zhang et al., 2020).
[image: Table 3]Build an evaluation index system
According to the factors and their interrelationships determined in Section 2.1, a hierarchical structure is established (Figure 3). It can be divided into three layers: target, class indicator, and basic indicator. The target layer refers to the overall vulnerability of the building structure under the action of chloride corrosion, which is the ultimate goal of the entire hierarchy analysis. The class index layer represents the structure, materials, engineering geological environment, construction and maintenance, and the corrosive environment characteristics of the structure’s engineering itself. The first-level evaluation factor of damage evaluation, which analyzes the factors affecting the first-level evaluation factor, is refined into 15 basic indicators to characterize the specific characteristics of structure and corrosion.
[image: Figure 3]FIGURE 3 | Evaluation index system.
Determining index weight by the analytic hierarchy process
AHP can express each factor in numerical form by introducing an appropriate judgment scale, thus forming a judgment matrix to compare the importance of two factors. In this paper, the 1–9 scale method proposed by Saaty (1980) is used to grade each factor, and the discriminant matrix of the index factor is established. Under the condition that the random consistency ratio of the discriminant matrix is reasonable, the weight values of the indexes at all levels are obtained (Table 4).
TABLE 4 | Weights of all levels’ indices.
[image: Table 4]FUZZY COMPREHENSIVE EVALUATION METHOD OF STRUCTURAL ENGINEERING VULNERABILITY
Build index set and alternative set
The index set is a common set composed of various indexes that affect the object, which can be expressed as follows:
[image: image]
The alternative set is a collection of various total evaluation results that the evaluation object may make, with V expressed as follows:
[image: image]
Each element vi (i = 1,2, … ,5) represents all possible overall evaluation results. The purpose of fuzzy evaluation is to obtain the best evaluation results from the alternative set based on a comprehensive consideration of all indicators. The evaluation results of this paper are set to five levels, expressed as follows:
[image: image]
Determination of index membership
The fuzzy relation between the index set and the alternative set can be expressed by the fuzzy relation matrix. R represents the degree of membership of each evaluation factor to each grade standard of the alternative set, which can be calculated by the following formula to form a fuzzy matrix.
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where [image: image] are base factor ratings.
The fuzzy comprehensive evaluation
The secondary evaluation Cij (i,j = 1,2, … ,5) is a single factor investigation and calculation result, and the membership matrix of the secondary evaluation index can be obtained thus:
[image: image]
Combined with Table 2 to get the weight value of each secondary index, the final fuzzy comprehensive evaluation model can be obtained as follows:
[image: image]
Similarly,
[image: image]
According to the operation method of fuzzy sets, the membership degree can be determined by the principle of taking the largest from the smallest and of taking the largest and the normalized weighted model, and thence the vulnerability can be finally determined.
ENGINEERING VULNERABILITY OF A COASTAL PHARMACEUTICAL FACTORY
Survey of a coastal pharmaceutical factory
Topography and geomorphology
The pharmaceutical factory is located in the central part of the city to the southwest. The terrain is gentle from west to south and the topography belongs to the low platform, about 8.5 km from the coastline, which represents an elevation of 5–25 m.
Stratum lithologic
According to the geological survey report, the pharmaceutical factory is located in the southwest end of the Dashan fault zone. Regional tectonic movement is active, regional metamorphism and magmatic activity are frequent, damage to the stratum is obvious, and the continuity of the stratum is poor. In addition to the Mesozoic–Cenozoic stratum, the rocks of other strata are subject to different degrees of metamorphism.
Meteorology and hydrology
The region has subtropical marine monsoon climate characteristics, long summers and short winters, a mild climate, and abundant rainfall and sunshine. Average annual temperature is about 22.5°C, with the lowest at 0.2°C and the highest at 38.7°C; the temperature is above 25°C for half the year. Annual average relative humidity is 77%, and annual average rainfall is more than 2000 mm. The rainy season is from April to September, with a relative humidity of more than 90%. It has a more developed surface water system, high groundwater level, and belongs to the Gulf Stream System.
Data survey of service and management periods
The pharmaceutical factory came into operation in 1992, with a design life of 50 years. In order to reasonably and accurately evaluate the service life of pharmaceutical factories based on the concept of engineering vulnerability, it is necessary to combine the 15 established index systems to conduct on-site investigation of building structures and equipment use to extract relevant data, such as concrete strength, cover thickness, and chloride ion content on concrete surface. However, in addition to the technical testing methods based on various non-destructive and destructive testing equipment to obtain data, technical and management mechanisms such as daily inspection statistics, maintenance data, and written records of drug types provided by the plant are also important reference materials. To this end, Tables 5, 6 show survey results for the building structure according to several basic parameters of typical beam column service state combined with basic structural parameters.
TABLE 5 | Field survey data required for model analysis.
[image: Table 5]TABLE 6 | Survey results of building structure parameters based on the index system.
[image: Table 6]In summary, the pharmaceutical plant has been in long-term service in a marine environment with relatively high humid and annual temperatures in a relatively complex geological environment. It has adopted a standardized modern enterprise management system to manage the drugs. The types of corrosive drugs are less than 10%, and the leakage area of drugs is less than 5%. This paper investigated 15 indicators of field investigation, with the specific survey results shown in Table 6.
Engineering vulnerability calculation of building structure
Calculation of the corrosion initiation of reinforcement and concrete cover cracking
Based on the engineering parameters provided in Table 5, the time from chloride corrosion to steel corrosion initiation obtained by Eq. 11 is 28 years, and the concrete cracking time obtained by Eq. 23 is 12 years; this indicates that the service life of the building structure is 40 years. On-site steel inspection revealed that some steel bars were corroded; slight cracks were also found in some of the columns, which may be related to a combination of corrosion and loading (Zhang et al., 2022).
Engineering vulnerability calculation of building structure service life
According to the operation method of fuzzy sets, the membership vector of the building structure is calculated by Eqs 27–32 and Table 4 to be E = (0.106, 0.152, 0.227, 0.468, 0.094), and the maximum value in the membership vector is 0.468. According to Eq. 29, the engineering vulnerability of the service life of the building structure is determined to be low, and the building structure has a strong ability to resist corrosion risks. During the long-term service of the pharmaceutical factory, the investigation shows that the maintenance and management of the building structure are good, which verifies the applicability of the evaluation model.
CONCLUSION
This study investigated two key stages in the service prediction of building structure—corrosion initiation of reinforcement and concrete cover cracking—and evaluated the service life of a building structure based on the concept of engineering vulnerability. The following conclusions can be drawn:
1) Based on Fick’s second law, a theoretical model for corrosion initiation of reinforcement is established by considering the important parameters of the critical concentration of chloride ions, chloride ion surface concentration, and the cover depth and solution of chloride diffusion coefficient, providing a theoretical basis for predicting the process of chloride penetration in a marine environment.
2) Comparing the calculation results of eight models of concrete cover cracking time with the experimental data, a theoretical model for cover cracking time proposed by Lun et al. (2021) was chosen with consideration of the important parameters of the shape of the initial defects, cover depth, reinforcement diameter, ambient temperature, relative humidity, concrete chloride content, and corrosion rate based on the fracture mechanics theory, which are in good agreement with the experimental results and effectively predict the service life of building structures.
3) An engineering vulnerability evaluation index system for building structure was constructed. The building location, design, construction, and service factors, and drug management were selected as the first-level evaluation factors, and these were refined to obtain 15 main basic evaluation factors, with which the range of basic factors was determined. By means of AHP method and fuzzy comprehensive evaluation methodology, the assessment method of the service life engineering vulnerability of a building structure was established.
4) The evaluation method established in this paper was used to evaluate a pharmaceutical factory in a coastal area. The evaluation results show that the building structure is of low vulnerability, which is consistent with the survey results, indicating that the method is suitable for the vulnerability of building structure engineering in coastal areas.
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Single piles are normally used to support the transmission tower in mountain areas. Uplift capacity of piles is a key factor in the engineering design to increase the stability of transmission tower foundation. This study numerically investigated the uplift capacity of single straight and belled piles in the sloping ground which consisted of a clay layer underlain by medium weathered sandstone. A non-linear 3D finite element model was proposed to describe the uplift behavior of single piles and was calibrated against a field test on single piles subjected to uplift loading. A parametric study was conducted to investigate the effect of the slope angle (θ) on the uplift behavior of single piles. The uplift capacity decreased as θ increased for either straight piles or belled piles. Moreover, the range of the equivalent plastic strain was greatest for single piles in the level ground. For piles in the sloping ground, the range of equivalent plastic strain was wider at the position of the downstream slope than that at the position of the upstream slope when the uplift load of single piles reached the maximum. As the expansion angle increased to 30° and 45°, the uplift capacity of belled piles (Ru) was increased by 100% and 180% with respect to that of straight piles, respectively. The increase percentage in Ru was independent of θ. A practical method was proposed to quantify the slope effect on Ru.
Keywords: slope, straight pile, belled pile, uplift capacity, equivalent plastic strain
1 INTRODUCTION
Plenty of transmission towers have been built in mountainous areas in the world. Thus, most of the transmission towers are located in the sloping ground (Jiang et al., 2022). Strong wind and earthquake pose a significant threat to the stability of transmission towers (Qu et al., 2018a; 2019; Xu et al., 2017b; 2021). Because of the variability in the direction of winds, the pile foundations of transmission towers could be subjected to uplift, compression, and horizontal loads. (Xu et al., 2023; Xu et al., 2013; Xu et al., 2017a; Qu et al., 2018b). In the engineering design, the uplift capacity is one of the significant factors to be considered for the pile of transmission towers. Moreover, Figure 1 shows the potential threat of the slope instability to the pile foundations of transmission towers in Guilin City of China. Thus, it is of great necessity to explore the uplift capacity of single piles in sloping ground.
[image: Figure 1]FIGURE 1 | Potential threat of the slope instability to the pile foundations of transmission towers in Guilin City of China: (A) scene 1 and (B) scene 2 (photos from the investigation of authors).
Over the last several decades, investigators have analyzed the uplift behavior of single piles in various soils. A simplified semi-empirical model was developed to estimate the uplift capacity of single piles embedded in sands (Shanker et al., 2007). The effect of arch on the uplift capacity of single piles and pile groups was investigated by Shelke and Patra (2009) and Shelke and Mishra (2010), respectively. Plenty of model tests were performed to investigate the effect of various factors on the uplift capacity of single piles in sand, that is, the slenderness ratio (Verma and Joshi., 2010; Faizi et al., 2015), relative density of soil, and embedment depth of piles (Gavver, 2013; Saravanan et al., 2017). Kyung and Lee (2019) investigated the influence of installation condition on the uplift capacity of micropiles in sand. Emirler et al. (2017) numerically investigated the effect of relative density of sand and the embedment depth on the uplift behavior of single piles. There are also plenty of studies on how to evaluate the uplift capacities of single piles in clayey soils. A few model tests have been conducted to evaluate the uplift capacity of concrete piles in clay under uplift loading (Mohan and Chandra, 1961; Turner, 1962; Sowa, 1970). Shin et al. (1993) experimentally evaluated the uplift capacity of rigid piles embedded in a compacted near-saturated clayey soil. Lai and Jin (2010) carried out a field-scale model test to investigate the load transfer mechanism of PHC piles in soft soil under uplift loading. However, little research is conducted to investigate the uplift behavior of piles embedded in the mountain areas, where the ground frequently consists of not only clay or sand but also weathered rocks. For these piles, a primary concern is leading to the interaction between the pile and the weathered rock under uplift loading because the weathered rock provides majority of soil resistance (Wang et al., 2021a).
To increase the capability of single piles to resist the uplift loading, the base of piles is expanded. Belled pile is a typical expanded pile to be used in engineering practice. The failure mechanism behind uplift belled piles in the level ground is sufficiently studied (Sawwaf and Nazir, 2006; Hong and Chim, 2015; Schafer and Madabhushi, 2020; Abdelgwad et al., 2022). Moreover, many scholars have studied various influential factors on the uplift capacity of belled piles in the level ground, for example, sand density (Ilamparuthi and Dickin, 2001; HondaHirai and Sato, 2011), diameter of the expanded base, embedment depth of piles (Tanaya and Sujit, 2019; Kang and Kang, 2022), and different bell space ratios (Sun et al., 2022). Moayedi and Mosallanezhad (2017) experimentally found that increasing the number of wings of multi-belled piles does necessarily improve the uplift resistance of single piles embedded in loose sands. The influence of various parameters, for example, the bell angle and the diameter of expanded base, on the uplift capacity of belled piles in sands was numerically studied (Liu et al., 2020; Yang and Qiu, 2020). Wang et al. (2021b) reported that the pile embedment and rock strength significantly affect the uplift resistance of belled piles (Yang et al., 2018). Chae et al. (2012) reported that the bell shape is more significant on the pile displacement than on the uplift capacity of belled piles in weathered rocks through both model tests and numerical analyses. Hu et al. (2022) experimentally explored the failure mechanism of the uplift belled piles in a layered ground which consists of sand and rock. However, previous studies mainly focus on the uplift behavior of single straight and belled piles in the level ground. Little work has been conducted on single piles in the sloping ground, especially in the mountain areas where the ground was composed of clay layer underlain by weathered sandstone.
This study numerically investigated the uplift capacity of single piles in the sloping ground which consisted of a clay layer underlain by medium weathered sandstone. The uplift behavior of single piles was described by a proposed non-linear 3D finite element model calibrated against a field test on single piles under uplift loading. A parametric study was conducted to investigate the effect of the slope angle (θ) on the uplift behavior of single straight and belled piles. Moreover, the influence of the expansion angle on the uplift capacity (Ru) of belled piles was discussed. Finally, a practical method was proposed to quantify the slope effect.
2 NUMERICAL MODELING
2.1 Proposed finite element model
Figure 2A shows a field test on a single bored pile under uplift loading in the level ground, as reported by Wang et al., 2021a. The site was composed of a silty clay layer underlain by medium weathered sandstone. The diameter (D) of the pile was 0.8 m, and the embedment depth of the pile in the sandstone was 2.4 m. The thickness of the clay layer was 3.0 m. There was a gap between the pile and the clay via casing shown in Figure 2A.
[image: Figure 2]FIGURE 2 | 3D finite element modeling of the uplift pile: (A) single pile in the layered ground consisting of silty clay and medium weathered sandstone and (B) finite element mesh.
Figure 2B shows the 3D finite element model with gradient mesh for the single pile under uplift loading in a finite element software ABAQUS (Systèmes, 2007). Both the soil and the pile were modeled by C3D8R elements. The C3D8R element is a general-purpose linear brick element with reduced integration (Systèmes, 2007). The size of the finite element mesh ranged from 0.05 m to 2.5 m. Fine mesh was used for soils surrounding the pile to ensure the sufficient accuracy of finite element analyses. To simulate the pullout behavior of piles in the finite element analysis, the pile–soil contact was considered by selecting “penalty function” and “hard contact” for tangential behavior and normal behavior, respectively. The default values suggested by the software were used for contact parameters. When the pile is separated from the soil, the contact pressure at the interface decreases to zero (AlIsawi et al., 2019). Note that the casing was not considered in the finite element modeling because it has an insignificant effect on the uplift capacity of piles.
Table 1 gives the input parameters for the pile and the soils.
TABLE 1 | Parameters of the pile–soil model.
[image: Table 1]In this study, the pile was assumed to be elastic. The elastic–plastic behavior of soils was described by the Drucker–Prager (DP) model (Drucker and Prager, 1952). The yielding function and the plastic potential function g for the linearly extended DP model were given by
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where q is the Mises equivalent stress; p is the equivalent pressure stress; r is the third invariant of deviatoric stress; β is the friction angle, which reflects the slope of the yield surface in the stress space; d is the cohesion of soils; k controls the dependence of the yield surface on the value of the intermediate principal stress and ranges from 0.778 to 1; and ψ is the dilation angle. In the study, k is taken as an average value of the range.
The distance between the lateral side and the pile to was set at 10 D to eliminate the boundary effect. In this study, initial stress analysis was performed before the uplift loading was applied to the pile to provide the initial stress of soils for the analysis of uplift piles. The displacements at the base and both two lateral sides of the model were zero.
2.2 Model verification
Figure 3 shows the measured and simulated uplift load (R)–vertical displacement (uy) curves of single piles under uplift loading. The calculated displacement was generally lower than that measured from the test when the uplift load was smaller than approximately 4500 kN. Nevertheless, the calculated Rmax was consistent with that obtained from the field tests. Moreover, the Rmax was underestimated by approximately 4% if the initial stress was not considered. Thus, it is suggested that the initial stress can be taken into account in the analysis of the uplift pile.
[image: Figure 3]FIGURE 3 | Calculated and measured uplift load–displacement curves of single piles.
Moreover, an additional case (i.e., Case 1) was used to explore the influence of the contact between the pile and the clay on the uplift behavior of single piles in this study. Figure 3 also shows that the contact between the pile and the clay caused a 16% increase in the maximum uplift load. Case 1 was used as a bench mark model for the parametric study in the next section.
3 RESULTS AND DISCUSSION
The effect of slope angle (θ) on the uplift behavior of both straight pile and belled pile was investigated. Figure 4 schematically shows the slope angle (θ) and the belled pile with various base diameters by changing the expansion angle (α), where α is the angle that the pyramidal or conical surface makes against the vertical. Moreover, the effect of α on the uplift behavior of belled piles was studied accordingly. In this study, θ varied between 0° and 20°, and α ranged from 0° to 45°. Table 2 lists all cases in the finite element analyses of this study.
[image: Figure 4]FIGURE 4 | Schematic view of cases with different θ and α.
TABLE 2 | Cases in the finite element analyses of this study.
[image: Table 2]3.1 Influence of slope angle on straight piles
Figure 5 shows the influence of θ on the R–uy curves of single piles. The effect of θ on the R–uy curve was minimal when the uplift load was lower than approximately 4000 kN. However, the maximum uplift load (Rmax) decreased as the slope angle increased.
[image: Figure 5]FIGURE 5 | Uplift load–vertical displacement curves of uplift straight piles under different slope angles (θ).
Moreover, Figure 6 further shows the maximum equivalent plastic strain ([image: image]) distributed at the soils surrounding the pile. The equivalent plastic strain is defined as [image: image], where [image: image] in the DP model, [image: image] is the stress tensor, and [image: image] is a function including hardening and rate-dependent effects (Systèmes, 2007). For the pile in the level ground, the equivalent plastic strain was symmetric about the uplift pile (see Figure 6A). Moreover, the range of equivalent plastic strain was wider at the position of the downstream slope than that at the position of the upstream slope when the uplift load reached the maximum Figures 6B, C. This was because of the lower yield strength of the soils at the downstream side of the slope, leading to relatively greater equivalent plastic strain at such position.
[image: Figure 6]FIGURE 6 | Effect of θ on the distribution of equivalent plastic strain surrounding the straight pile: (A) θ = 0°, (B) θ = 10°, and (C) θ = 20°.
3.2 Influence of slope angle on belled piles
Similar to the straight pile, Figure 7 shows that the calculated Rmax decreased as θ increased. The same tendency was also found for other cases (see Figure 8A).The effect of θ on the R–uy curve was minimal when the uplift load was lower than a critical value of approximately 9000 kN. The equivalent plastic strain range was much greater in soils surrounding belled piles than that in the case of straight piles (see Figure 9; Figure 6). Moreover, the range of equivalent plastic strain was also wider at the position of the downstream slope than that at the position of the upstream slope when the uplift load of belled piles reached the maximum.
[image: Figure 7]FIGURE 7 | Uplift load–vertical displacement curve of belled piles (α = 45°) under different slope angles.
[image: Figure 8]FIGURE 8 | Effect of α on (A) the uplift capacity and (B) the normalized uplift capacity of single piles at different slope angles.
[image: Figure 9]FIGURE 9 | Effect of θ on the distribution of equivalent plastic strain surrounding the belled pile with α = 45°: (A) θ = 0°, (B) θ = 10°, and (C) θ = 20°.
3.3 Influence of the expansion angle of belled piles
To illustrate the effect of the expansion angle α, the uplift capacity (Ru) of belled piles was selected as an index and was obtained from the calculated R–uy curve. Wang et al. (2020) suggested that Ru is the uplift load corresponding to a critical displacement (Vcri) of 2% D for the belled pile under uplift loading. Tang and Chen (2015) suggested Vcri = 2.5% D for rock-socketed piles under uplift loading. Wang et al. (2021b) suggested Vcri = 3% D for straight bored piles. In this study, Vcri = 2% D was used as a criterion for estimating Ru in this study.
Figure 8A also illustrates that Ru generally increased as α increased. Figure 8B further presents the Ru normalized to the uplift capacity (Ru, α=0°) of straight piles. As α increased to 30° and 45°, Ru was increased by 100% and 180% with respect to that of straight piles, respectively. Thus, increasing the expansion angle was an effective measure to increase Ru. Moreover, the increase percentage in Ru was independent on the slope angle (see Figure 8B). It should be stressed that the uplift capacity should be almost the same for the same bottom area of the belled piles with various expansion angles because the height of the expansion was assumed to be the same in this study.
3.4 Practical method for quantifying the slope effect on Ru

《Technical code for design of foundation of overhead transmission line 》 (DL/T5219-2014) is used for estimating Ru in China by the following equation. However, the equation is only used for piles in the level ground and cannot be used for the piles in the sloping ground.
[image: image]
Eq. 4 is used when ht ≤ hc, where ht is the embedment depth of the uplift pile and was taken as 5.4 m, as shown in Figure 2A, and hc is the critical uplift depth and was taken as 3D, as suggested by the code (NEA, 2015); A1, A2, and A3 refer to dimensionless parameters suggested by the code (NEA, 2015) and were determined by the shape of sliding surface, friction angle of soils, and the ratio of the embedment depth of the uplift pile to its base diameter; c stands for the soil cohesion, which was taken as the weighted average based on the thickness of two layers in this study; γs is the weighted average weight of soil above the tip of piles; and V0 is the volume of piles within the embedment depth. Gf is the self-gravity of the foundation. Table 3 gives input parameters for calculating Ru.
TABLE 3 | Input parameters for estimating the uplift capacity of belled piles in the level ground.
[image: Table 3]Table 3 also shows the comparison between the results calculated from Eq. 4 and finite element analyses for belled piles in the level ground in the cases of α = 30° and α = 45°. The results indicated that the uplift capacity calculated from Eq. 4 was generally greater than the uplift capacity determined from finite element analyses. The discrepancy was mainly due to two reasons: 1) the critical displacement (Vcri) influenced Pu in finite element analyses. Particularly, the discrepancy was decreased with the increasing Vcri because of an increase in Pu and 2) Eq. 4 was proposed for the uniform layer. Thus, the application of Eq. 4 to the layered ground in this study caused certain errors and further contributed to the discrepancy. Nevertheless, as α increased from 30° to 45°, the calculated increase percentage (i.e., ∼26%); in Ru obtained from the proposed numerical model agreed reasonably well with that (i.e., ∼40%) of calculated from Eq. 4.
To estimate the influence of slope angle on Ru, a practical method was proposed in this study and was given by
[image: image]
where β is a reduction factor and defined as the ratio of Ru to Ru, θ=0°, and Ru, θ=0° denotes Ru at θ = 0°. Thus, β = 1 when Ru = Ru,θ=0°. Figure 10 illustrates that the reduction factor decreased as θ increased. Moreover, a linear relationship can be used to correlate the reduction factor with the slope angle for all data shown in Figure 8.
[image: image]
[image: Figure 10]FIGURE 10 | Effect of slope angle on the reduction factor at different expansion angles.
4 CONCLUSION
The effect of slope on the uplift capacity of single straight and belled piles supporting transmission towers was explored via a proposed numerical model which was calibrated against a field test. The following conclusions can be obtained:
(1) The calculated Rmax from the 3D finite element model was consistent with that obtained from the field tests. Moreover, considering initial stress was recommended for analyses of uplift piles.
(2) The uplift capacity decreased as the slope angle θ increased for either straight piles or belled piles. Moreover, the range of the equivalent plastic strain was greatest for single piles in the level ground (i.e., θ = 0°).
(3) For piles in the sloping ground, the range of equivalent plastic strain was wider at the position of the downstream slope than that at the position of the upstream slope when the uplift load of single piles reached the maximum.
(4) As the expansion angle α increased to 30° and 45°, Ru was increased by 100% and 180% with respect to straight piles, respectively. Moreover, the increase percentage in Ru was independent on the slope angle.
(5) A practical method was proposed to quantify the slope effect on Ru.
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It is reported that the inclined pile could be either beneficial or detrimental for the abutment they support in the condition of liquefaction—induced lateral displacement. To clarify the effect of inclined pile on seismic response of bridge abutments undergoing liquefaction—induced lateral displacement, numerical analyses were carried out on the damaged abutment that was supported by inclined piles and that was displaced riverwards 100 mm–150 mm due to soil liquefaction during 2011 Great East Japan earthquake. Accordingly, a fully coupled dynamic effective stress finite element model was developed for the soil—pile—superstructure system. It was found that the shear failure of the bridge abutment was initialized from the inclined piles and then followed by the middle vertical pile. Moreover, the earthquake—induced liquefaction caused substantial lateral displacement of soils around the piles and thus dominated the backward rotation of the abutments supported by inclined piles. Additionally, the exclusion of the deck pinning effect may lead to a marked increase in the lateral displacement and rotation of abutments. If the abutment were supported by vertical piles, a much larger lateral displacement was expected and the promotion of the earth pressure behind the abutment was the main cause of the forward rotation of the piled abutment.
Keywords: abutment damage, inclined pile, u-p formulation, liquefaction, soil - pile - superstructure system
1 INTRODUCTION
The safety of the soil-pile -bridge system is a primary concern in the engineering practice (Gerolymos et al., 2008; Cubrinovski et al., 2014; Qu et al., 2018a; Qu et al., 2018b; Qu et al., 2019). Liquefaction—induced lateral displacement has caused much damage to the piled abutment of bridges in the past earthquakes, such as the 1991 Costa Rica Earthquake, the 2011 Christchurch earthquake, and the 2011 Great East Japan earthquake (Gerolymos et al., 2008; Cubrinovski et al., 2014; National Institute for Land and Infrastructure Management of Japan, Public Works Research Institute of Japan, 2014; Tazohb et al., 2008; Xu et al., 2023). It is reported that the inclined piles are more effective than vertical piles in restricting lateral displacements of superstructures subjected to liquefaction induced lateral displacement. However, the evidence shows that the inclined pile could be either beneficial or detrimental for the abutment they support in the condition of liquefaction—induced lateral displacement (Gerolymos et al., 2008; Cubrinovski et al., 2014). For example, the liquefaction—induced lateral displacement caused a lateral displacement of approximately 1–2 m at the unconstrained river banks in the vicinity of South Brighton Bridge during the 2011 Christchurch earthquake. As a result, the bridge abutment rotated by 8° and the pile head displaced laterally approximately 20 cm. Nevertheless, following the infilling of the offsets between the approaches and the deck, the bridge was back in service immediately after the earthquake (Cubrinovski et al., 2014). However, a detrimental case related to the bridge abutment supported by inclined piles were found on Rio Vizcaya Bridge during the 1991 Costa Rica Earthquake. The liquefaction—induced lateral displacement caused large rotations of the abutment and thus the collapse of the bridge deck (Gerolymos et al., 2008). Thus, it is necessary to clarify the damage mechanism of inclined piles which support the abutment subjected to the liquefaction—induced lateral displacement.
The liquefaction effects on piled bridge abutments have been investigated via both model tests and numerical analyses in recent years. Armstrong et al. (2013) conducted centrifuge model tests to evaluate the capability of the vertical pile group in resist the lateral displacement of abutments in approach embankments underlain by liquefied soils. The benefit of the pile pinning effect was reflected in reducing the lateral displacement of bridge abutments and was also evaluated by 2D numerical analyses. Tanabe et al. (2016) reported two case histories of two bridge abutments supported by inclined and vertical piles and subjected to a varying degree of damage due to liquefaction-induced lateral displacement during the 2011 Great East Japan earthquake. A 2D numerical model was developed to investigate the liquefaction effects. However, the effect of the superstructure (i.e., deck) wasn’t considered in the above analyses. Cubrinovski et al. (2014) found that the deck pinning contributes significantly to the back rotation of the piled abutment of short-span bridges in the case of liquefaction—induced lateral displacement; Nakata et al. (2018) used a large shaking table (i.e., E-Defense) facility to investigate both the liquefaction effect and the deck pinning effect on the bridge abutment supported by the vertical piles. Shin et al. (2008) and Wang et al. (2018) pointed out that appropriate modeling of soil-pile-deck interaction is necessary for understanding of the seismic response of bridge abutments, especially when the abutment piles encounter the problem of the liquefaction-induced lateral displacement. However, very limited work was conducted to investigate the effect of inclined pile on seismic response of bridge abutments undergoing liquefaction—induced lateral displacement, especially the soil-inclined pile-deck interaction effect. Incorporating the soil-inclined pile-deck interaction in the analyses could help understanding the damage mechanism of inclined piles of bridge abutments in the liquefaction induced lateral displacement ground.
For this purpose, this study performed a case study of damaged abutments which were supported by the pile group consisting of inclined piles and vertical piles and were displaced riverwards due to the liquefaction induced—lateral displacement during the 2011 Great East Japan earthquake. A 2D fully coupled dynamic effective stress model was developed for the soil -pile-bridge system. Accordingly, the damage mechanism of the bridge abutment and the effect of deck and pile rake angle on the seismic response of the bridge abutment were investigated.
2 CASE HISTORY
Nishikawa Bridge was located in Miyagi Prefecture, Japan. The construction of the bridge was completed in the year of 1968. The bridge had a total length of 105 m and a width of 7.2 m. The bridge had three spans and each of span has length of 34.3 m. The total load of one-span deck was estimated to be 2,300 kN (Tanabe et al., 2016). During the 2011 Great Eastern Japan Earthquake, the A1 and A2 abutments of the bridge was horizontally displaced riverwards approximately 150 mm and 100 mm, respectively (see Figure 1), as reported by National Institute for Land and Infrastructure Management of Japan, Public Works Research Institute of Japan (2014). It was also reported that shear failure developed near the bottom of two abutments. The foundation of each abutment was composed of 7 * 3 reinforced concrete piles. The piles in the middle row were vertical, while others were inclined piles with rake angle of 10°. The pier foundation had 5 * 5 reinforced concrete piles: the piles in the front and rear rows were inclined at 10°, while the piles were vertical in the middle row. The diameter of the pile was 400 mm. The length of the pile was 7.0 m and 5.0 m for the abutment and the pier, respectively.
[image: Figure 1]FIGURE 1 | Side view of Nishikawa Bridge located in Miyagi Prefecture, Japan with geological cross section and standard penetration test data (unit: mm; Bs, Bn: Fills; As1: sand; Ac, Ao1, Ao2, Asc: clayey soil; Ag: sandy gravel; Ns: sandy soil).
3 FINITE ELEMENT MODELING OF THE SOIL–PILE—BRIDGE SYSTEM
3.1 u-p formulation
Biot’s u-p formulations are used for saturated soils the dynamic system, where u and p represent the displacement and excess pore water pressure, respectively (Zienkiewicz et al., 1999):
[image: image]
[image: image]
where M is the mass matrix, u is the displacement vector, C is Rayleigh damping matrix, K is the stiffness matrix, Q is the coupled matrix, p is the excess pore water pressure vector, fu is the external load vector, H is the seepage matrix, S is the compression matrix, and fp is the external load vector for the pore water.
Biot’s u-p formulations had been implemented in a fully coupled dynamic effective stress finite element (FE) analysis software program UWLC (Forum 8 Co Ltd, 2005; Xu et al., 2013; Xu et al., 2021; Cai, 2020) where were employed for numerical analyses in this study. In this program, Eq. 2 can also be deactivated for layers where the excess pore water pressure is not necessarily calculated.
In the dynamic analysis, the matrix C was given by
[image: image]
where α and β are coefficients and are taken as 0.172 and 0.00174, respectively (Forum 8 Co Ltd, 2005; Wakai and Ugai, 2004). The coefficients α and β are related to damping ratio ξ and two periods T. In this study, ξ = 0.03, T1 = 0.2 s, and T1 = 2.0 s, as suggested by Xu et al. (2023).
3.2 Finite element model
In this study, a 2D finite element model was developed for the soil–pile—bridge (SPB) system, as shown in Figure 2. The soil layers were determined with some simplifications from the geological cross section shown in Figure 1. In this model, eight-node quadrilateral element was used for the soil, the abutment, and the pier. The abutment and the pier were modelled as elastic materials with unit weight of 24.5 kN/m3, Young’s modulus of 30 GPa, and Poison’s ratio of 0.15.
[image: Figure 2]FIGURE 2 | Finite element model for the soil–pile—bridge system.
The pile and the deck were modelled as Euler-Bernoulli beam. Table 1 gives the input parameters for the pile and the deck in the finite element analysis. In the 2D finite element model, the cross-sectional area and the cross-sectional inertia moment of piles were estimated according to Xu et al. (2013). The non-linearity of the pile was considered by using a bilinear model. The second Young’s modulus of piles was assumed to be 1% of the fist Young’s modulus of piles. According to Tanabe et al. (2016), the yield stress was set to 184 kN m for the pile. The deck was modelled as elastic materials. All beam element nodes and quadrilateral element nodes were merged.
TABLE 1 | Input parameters for the pile and the deck in the finite element analysis.
[image: Table 1]The bearing was modelled by shear springs to consider the dynamic interaction between the deck and the abutment/pier. For simply supported beam bridges, each deck was supported by a fixed bearing and an expansion bearing, which were described by linear and bi-linear shear springs, respectively. In this study. The initial stiffness of shear springs was taken as an empirical value of 6,600 kN/m (Wang et al., 2018). For bi-linear shear spring, the second stiffness was set to zero and the limit force was taken as 287.5 kN. The value of the limit force was estimated from the supported vertical load (i.e., 1,150 kN) multiplied by a friction coefficient. The friction coefficient was empirically taken as 0.25 (Wang et al., 2013).
3.3 Constitutive modeling of soils
Five standard penetration test (SPT) bore holes were drilled near either the abutment or the pier, as shown in Figure 1A. The SPT data were used to determine the liquefaction potential of each layer according to the Japanese Design Specifications of Highway Bridges (Japan Road Association, 2004; Towhata, 2008). Accordingly, liquefiable soils (i.e., Bs and As1) and non-liquefiable soils (i.e., Bn, Ao1, Ao2, Ac, Asc, Ag, and Ns) were classified.
A generalized plasticity model, named Pastor-Zienkiewicz Mark-Ⅲ (PZ) (Pastor et al., 1990), with some modifications by Cai et al. (2002) was adopted for the soils (Xu et al., 2023). Normally, the parameters for the PZ model were calibrated from either laboratory tests (e.g., cyclic triaxial undrained test) or in-situ tests. In this study, SPT data were used to determine the PZ model parameters. The liquefaction strength of two liquefiable layers (i.e., Bs and As1) was estimated according to according to the Japanese Design Specifications of Highway Bridges. The calculated liquefaction strength for Bs and As1 layers was given in Table 2, where N1 was taken as an average SPT blow count for Bs and As1 layers. The PZ model parameters (Ges0, Kev0, C, ms, mv, Mg, αg, Mf, αf, H0, β0, β1, γ0, HU0, γU) were determined to obtain the calculated liquefaction strength shown in Table 2. Table 3 presented the PZ model parameters for liquefiable layers. The hydraulic conductivities were taken as a typical value of 1.0 × 10−5 m/s for the liquefiable layers.
TABLE 2 | Calculated liquefaction strength for Bs and As1 layers.
[image: Table 2]TABLE 3 | Parameters of Pastor–Zienkiewicz III model for Bs and As1 layers.
[image: Table 3]A cyclic non-linear elastic constitutive model (Hardin and Drnevich, 1972), is used for non-liquefiable soils. The shear stress τ and the shear strain γ are described by a hyperbolic function:
[image: image]
where
[image: image]
τf is the shear strength which is a function of friction angle (φ) and cohesion (c) (Xu et al., 2013), G0 and m are model constants, Pa is atmospheric pressure, and p′ is the mean effective stress. Gmax at p′ = p′0 can be estimated from [image: image], where ρ is the natural density and vs is the shear wave velocity. Table 4 gives ρ, vs, p′0, m, φ, c, and Gmax of Hardin—Drnevich model for each layer.
TABLE 4 | Parameters of Hardin—Drnevich model for non-liquefiable layers.
[image: Table 4]3.4 Boundary conditions
In the UWLC program, the initial stress analysis was necessary to provide geostatic conditions for the earthquake analysis. Two lateral sides and the base of the analyzed model were fixed in the analyses. The two lateral sides were set at three times the total length of the bridge apart from each abutment. To investigate whether the finite element model could eliminate the boundary effect, a larger model with an additional 200 m on each side of the model was analyzed. The difference between the results obtained from these two models was minimal, indicating that the finite element model was acceptably accurate.
The seismic input was selected from the data recorded at the K-NET station (i.e., MYG009) nearest to Nishikawa Bridge during the 2011 Great Eastern Japan Earthquake. The seismic data can be downloaded from the website of National Research Institute for Earth Science and Disaster Resilience (https://www.kyoshin.bosai.go.jp/) after the required registration was completed. Tanabe et al. (2016) reported that the angle (θ0) of NS component of MYG009 and the longitudinal direction of the Nishikawa bridge was approximately 25°. Thus, the horizontal seismic input ([image: image] ) for the Nishikawa bridge was synthesized from both the NS ([image: image]) and the EW ([image: image]) components of MYG009:
[image: image]
The UD component of MYG009 was taken as the vertical seismic input. Before the dynamic analyses, a baseline correction was conducted for the seismic recordings using SeismoSignal (SeismoSoft, 2013). Figures 3A, B showed the corrected horizontal and vertical input motions, respectively.
[image: Figure 3]FIGURE 3 | Seismic input for the soil—pile—bridge system: (A) Horizontal excitation and (B) vertical excitation.
4 RESULTS AND DISCUSSIONS
Table 5 gave the cases analyzed in this study. Specifically, the damage mechanism of the bridge abutment was investigated in the benchmark model, i.e., Case 1, as described in Section 3. Case 2 was used to study the effect of the deck on the seismic response of bridge abutments. Case 3 was used to investigate the effect of the pile rake angle on the seismic response of bridge abutments.
TABLE 5 | The cases analyzed in this study.
[image: Table 5]4.1 Damage mechanism of the abutment supported by inclined piles
Figure 4 shows the time history of horizontal displacements at the head of piles supporting the abutments. All the piles displaced riverwards after the earthquake. The calculated maximum lateral displacement of piles reached 115 mm and 84 mm at the bottom of A1 and A2 abutments, respectively. The calculated residual lateral displacements were generally smaller than the observation; however, the simulation results overall reflected that the lateral displacement of pile at the bottom of A1 abutment was larger than that at the bottom of A1 abutment. This was due to the fact that the earthquake induces the full liquefaction not only in Bs layer, but also in As1 layer, (see Bs and As1 in Figure 2), consequently resulting in the instability of the slope of the river bank near the abutment. Figure 5 showed the excess pore water pressure (EPWP) ratio at two typical points (see EP1 and EP2 in Figure 2) in these two layers, where the EPWP ratio was defined as the ratio of EPWP to the initial effective vertical stress. The results indicated that the Bs and As1 layers were liquefied at approximately 43 s after the arrival of the first peak horizontal acceleration shown in Figure 3A. Moreover, the excess pore water pressure was developed much faster in Bs layer than that in As1 layer because the liquefaction strength of Bs layer was smaller (see Table 2).
[image: Figure 4]FIGURE 4 | Time history of horizontal displacements at the top and bottom of two abutments, i.e., A1 and A2 (Case 1).
[image: Figure 5]FIGURE 5 | Time histories of the excess pore water pressure ratio at two typical points (see EP1 and EP2 in Figure 2).
Figure 4 further showed that the lateral displacements at the top of either A1 or A2 abutment were much smaller than those at the bottom of corresponding abutment, indicating that both A1 and A2 abutments rotated backwards. This phenomenon was also found for some abutments supported by inclined piles during the 2010–2011 Christchurch earthquakes where substantial slumping of the approaches was reported near these abutments due to soil liquefaction. The reason for the backward rotation of the abutment was probably because of the deck pinning of short-span bridges (Cubrinovski et al., 2014).
To investigate the effect of deck on the damage of the abutment, an additional case (i.e., Case 2) was analyzed assuming that the deck was removed from the benchmark model. Figure 6 showed that the exclusion of the deck pinning effect may lead to a marked increase in the lateral displacement and rotation of abutments, where ux,RA1 and ux,RA2 were the residual lateral displacements of A1 and A2 abutments, respectively, and θRA1 and θRA2 were the residual rotation angle of A1 and A2 abutments, respectively. Note that a clockwise rotation was considered as negative in this study. The results indicated that the abutments supported by inclined piles could rotate backwards even when the deck pinning effect was not considered in this study (see Figure 6). It was stressed that positive θRA1 and negative θRA2 indicated back rotation of A1 and A2 abutments, respectively. Based on the numerical results, the damage mechanism involving the back rotation of the abutment probably complied with the following process: 1) The earthquake—induced liquefaction initially caused substantial lateral displacement of soils around the piles, as shown by two typical points in Figure 7 (See D1 and D2 in Figure 2); 2) the inclined piles consequently had to rotate along the direction of arrows shown in Figure 8 under the liquefaction—induced lateral displacements; 3) and then the displaced inclined piles dominated the rotation of the abutments.
[image: Figure 6]FIGURE 6 | Effect of the deck on the residual lateral displacement and rotation of A1 and A2 abutments.
[image: Figure 7]FIGURE 7 | Time histories of two typical points (see D1 and D2 in Figure 2), representing the lateral displacement of soils in the vicinity of inclined piles in front and rear rows.
[image: Figure 8]FIGURE 8 | Mechanism of the abutment rotation supported by inclined piles under the liquefaction—induced lateral displacement.
Figure 9 showed the calculated maximum internal force of a single pile at different rows (i.e., front, middle, and rear), where Mmax, Smax, and Nmax were the maximum bending moment, shear force, and axial force, respectively. In general, the Mmax at different rows reached the ultimate value of 184 kN m at approximately 1.0 m–7.0 m away from the cap. At the pile head, Mmax was generally smaller than the ultimate value for all piles. However, the Smax peaked at the pile head. This result can explain why the shear failure has been developed at the pile head. In addition, the rear and front piles appeared to have the larger Mmax and Smax than the middle pile at the pile head, indicating that the shear failure was initialized from the inclined piles and then followed by the middle pile. Especially, the inclined piles sustained the Nmax three times more than the middle pile (see Figure 9C) during the earthquake. Thus, special treatments were necessary for inclined group piles in the engineering design to increase the shear capacity of the inclined pile, e.g., increasing the ratio of longitudinal reinforcement, reinforcement stirrup.
[image: Figure 9]FIGURE 9 | Distribution of the maximum internal force of a single pile at different rows (i.e., front, middle, and rear) (A) bending moment (Mmax), (B) shear force (Smax), and (C) axial force (Nmax) (Case 1).
4.2 Effect of the pile rake angle on the abutment damage
To investigate the effect of the pile rake angle on the lateral displacement at the bottom of A1 and A2 abutments, Case 3 was analyzed assuming that all piles supporting the abutments were vertical. Figure 10 showed the comparison of the lateral displacement at the bottom of A1 and A2 abutments between Cases 1 and 3. The results indicated that the pile rake angle had an insignificant effect on the lateral displacement of the abutment before the first peak horizontal acceleration was reached. However, the lateral displacement in at the bottom of the abutment in Case 1 turned to become much larger than that in Case 3, especially when the third peak horizontal acceleration was arrived at approximately 93 s. Moreover, the residual lateral displacement (ux,R) at the bottom of A1 and A2 abutments increased by approximately 82% and 45% in Case 3 with respect to that in Case 1, respectively. The above results demonstrated that the inclined piles were more effective than vertical piles in restricting the liquefaction—induced lateral displacements of the abutment during.
[image: Figure 10]FIGURE 10 | Effect of the pile rake angle on the lateral displacement at the bottom of (A) A1 and (B) A2 abutments.
To further investigate the effect of pile rake angle on the deformation of the abutment, Figure 11 compared the time histories of the rotation angle of the A1 abutment in Cases 1 and 3. The results indicated that the residual rotation angle of the abutment supported by vertical piles had opposite sign with respect to that of the abutment supported by inclined piles. Thus, the abutments in Case 3 rotated forwards and had different deformation mechanism with respect to the forementioned backward rotation of the abutment supported by inclined piles. Particularly, there was a tremendous increase in the rotation angle of the abutment in Case 3 when the third peak horizontal acceleration was reached. The forward rotation of the abutment in Case 3 was probably dominated by the promotion of the Earth pressure at the backfill of abutment, including the increase in the horizontal stress in non-liquefiable layer and the buildup of EPWP in liquefied layer. Specifically, Figures 12 showed the calculated horizontal stress (σxx) at two typical points (see E1 and E2 in Figure 2), representing the center of non-liquefiable and liquefiable layers behind the abutment in Case 3. The horizontal stress at the non-liquefiable layer increased abundantly during the earthquake and reached the maximum at the arrival of the third peak horizontal acceleration. The horizontal stress at the liquefiable layer decreased to a value approaching zero due to the soil liquefaction; however, the EPWP also reached the maximum value of 65 kPa at the time of third peak horizontal acceleration (see Figure 12). This maximum value was approximately five times more than the initial horizontal stress.
[image: Figure 11]FIGURE 11 | Effect of the pile rake angle on the rotation of the A1 abutment.
[image: Figure 12]FIGURE 12 | Time histories of horizontal stress (σxx) and excess pore water pressure (Δu) at typical points behind the A1 abutment (see E1 and E2 in Figure 2) (Case 3).
Figure 13A showed that the Mmax at pile head in Case 3 was approaching to the yield stress at different rows. Unlike inclined piles in Case 1, the values of Mmax and Smax were almost identical for vertical piles at different rows in Case 3 (see Figures 13A, B). This result indicated that all vertical piles not only displaced equally at the pile head, but also rotated equally due to the restriction of the abutment. Figure 13C indicated that the Nmax at the pile head in Case 3 was approximately 67%–78% of that in Case 1 (see Figures 9C, 13C), although the lateral displacement of the abutment was much larger in Case 3 (see Figure 10). These results demonstrated the benefit of inclined piles that had greater axial forces but smaller bending moment than vertical piles.
[image: Figure 13]FIGURE 13 | Distribution of the maximum internal force of a single pile at different rows (i.e., front, middle, and rear) (A) bending moment (Mmax), (B) shear force (Smax), and (C) axial force (Nmax) (Case 3).
5 CONCLUSION
A case study was carried out on the damage mechanism of the Nishikawa bridge abutment that was displaced riverwards due to soil liquefaction during 2011 Great East Japan earthquake. Some conclusions can be summarized from the numerical analyses:
(1) The shear failure of the bridge abutment was initialized from the inclined piles and then followed by the middle vertical pile. Thus, special treatments were necessary for inclined group piles in the engineering design to increase the shear capacity of the inclined pile.
(2) The earthquake—induced liquefaction caused substantial lateral displacement of soils around the piles and thus dominated the backward rotation of the abutments supported by inclined piles.
(3) The exclusion of the deck pinning effect may lead to a marked increase in the lateral displacement and rotation of abutments for simply supported beam bridges.
(4) The pile rake angle had insignificant effect on the lateral displacement of the abutment before the first peak horizontal acceleration was reached. However, after the arrival of the peak horizontal acceleration, a much larger lateral displacement was obtained for the abutment supported by vertical piles.
(5) The promotion of the Earth pressure behind the abutment was the main cause of the forward rotation of the abutment supported by vertical piles during earthquakes.
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Piles are widely used to transfer the horizontal load of high-rise buildings, transmission towers, and bridges, especially for superstructures constructed near slopes. This study investigated bearing capacities of single piles under the combined horizontal force (H) and bending moment (M) for the pile in sloping ground. A 3D finite element model was proposed to simulate the non-linear pile–soil interaction and was verified by a model test. A series of numerical tests were conducted to obtain the failure envelope of bearing capacities of single piles under various combinations of H and M. The existence of slopes significantly reduced the bearing capacity of piles, especially when the horizontal and rotational displacements moved to the dip direction of the slope. An oblique ellipse was able to describe the failure envelope of bearing capacities of single piles near slopes in the HM plane. As the pile was installed away from the crest of the slope, both the width and height of the ellipse increased and the center of the ellipse was approaching the origin. The results of this article can provide useful references for designing horizontally loaded piles near slopes.
Keywords: laterally loaded pile, slope, loading path, failure envelope, bearing capacity
1 INTRODUCTION
Single piles are designed to resist horizontal loads in geotechnical and marine engineering, offering the advantages of easy installation, low cost, good stability, and sufficient strength and stiffness (Xu et al., 2013; Xu et al., 2017a; Xu et al., 2017b; Qu et al., 2019). In particular, the piles are necessary for power transmission towers built near slopes. Due to the excitation of winds and earthquakes (Qu et al., 2018a; Qu et al., 2018b; Xu et al., 2021; Xu et al., 2023), the piles are frequently subjected to the combined horizontal force (H) and bending moment (M) (Wakai et al., 1999; Ng and Zhang, 2001; Raj et al., 2019; Yi et al., 2022). Moreover, the existence of a slope could lower the bearing capacity and thus cause instability of the piles (Jiang et al., 2022). Figure 1 shows the potential geo-hazard of the pile foundation of a transmission tower built near a slope in Baise city, Guangxi province of China. Thus, it is of great importance to study bearing capacities of single piles under combined H and M near slopes.
[image: Figure 1]FIGURE 1 | Potential geo-hazard of the pile foundation of a transmission tower built near a slope in Baise city, Guangxi province of China (photograph from the investigation of authors).
A pioneering study mainly focuses on single piles subjected to horizontal loading on level ground (Broms, 1964a; Broms, 1964b). Specifically, Broms (1964a, 1964b) developed an analytical formula of the ultimate soil resistance for laterally loaded flexible and rigid piles. Meyerhof (1995) developed a theoretical formula for predicting the ultimate soil resistance and bending moment of single piles under various load eccentricities and pile inclinations. In recent years, plenty of methods have been developed to predict the lateral response of single piles near slopes. The p–y method was originally developed by Matlock (1970) and Reese et al. (1974) for analyses of laterally loaded single piles, where p represents the soil reaction and y the lateral displacement of piles. Recently, some p–y curves consider the effect of a slope on the lateral response of single piles (Georgiadis and Georgiadis, 2012; Said et al., 2020). However, the p–y method neglects the soil continuity and the soil shearing resistance (Xu et al., 2013; Xu et al., 2017a; Xu et al., 2017b). To overcome this limitation, a strain wedge model was initially developed by Norris (1986). The strain wedge (SW) model predicts the soil resistance in the passive wedge developed in front of the laterally loaded pile by introducing a stress–strain relationship for the soils in the wedge. Recently, the SW model has been extensively modified to calculate the lateral soil resistance for single piles on level ground (Xu et al., 2013; Xu et al., 2017a; Xu et al., 2017b) and in the sloping ground (Peng et al., 2019; Yang et al., 2019; Chen et al., 2021; Chen et al., 2022; Lin et al., 2022a; Hemel et al., 2022). However, the application of the SW model to obtain the failure envelope of the bearing capacities of single piles is not reported. Thus, the 3D finite element method has an advantage of considering the 3D non-linear soil–pile interaction and thus is frequently applied to estimate the lateral response of pile foundations. Accordingly, Hung and Kim (2014) and Li et al. (2014) investigated the three-dimensional failure envelope through radial displacement and sliding tests as a means to assess the safety of the pile–soil system.
The influence of a slope on the bearing capacity of piles subjected to horizontal loading has been investigated via either a model test or numerical test. Begum and Muthukkumaran (2009) and Perumalsamy and Ranganathan (2022) experimentally investigated the influence of the slope angle and the relative density of soils on laterally single piles. The results indicated that these two factors have a significant influence on the lateral response of single piles. In addition, recent studies experimentally investigate other influential factors, such as the embedment depth of piles, the adhesion at the pile–soil interface, the pile length, and the distance (dpc) from the pile to the crest of the slope (Georgiadis et al., 2013; Deendayal et al., 2016; Vali et al., 2019). To supplement model tests, numerical analyses are conducted on laterally loaded piles in sloping ground. For example, Lin et al. (2022b) investigated the effect of various slope factors, e.g., the slope height, the slope angle, and dpc on the deflection and maximum bending moment of piles. Moreover, Jiang et al. (2018) studied the influence of the loading direction on the lateral response of single piles in sloping ground via the 3D finite element model. Jiang et al. (2020) further numerically investigated the effect of the slope proximity and pile shape on the deflection and the bending moment of laterally loaded piles. Previous studies show that the diameter and the embedment of piles also significantly affect not only the bearing capacity but also the lateral deflection and bending moment of laterally loaded piles (Muthukkumaran and Almas, 2011; Sawant and Shukla, 2014; Rathod et al., 2019; Chandaluri and Sawant, 2020; Deendayal et al., 2020). However, little work has been carried out on the influence of the slope on the failure envelope of bearing capacities of single piles near slopes, especially under combined HM loading.
This study conducted 3D finite element analyses of single piles in homogeneous sandy soils near slopes under combined HM loading. The 3D finite element model was calibrated against a model test reported by Chae et al. (2004). A parametric study was performed to obtain the failure envelope of bearing capacities of single piles under various combinations of H and M. The effects of the slope and dpc on the failure envelope were discussed. Moreover, a formulation was proposed to describe the failure envelope of bearing capacities of single piles.
2 NUMERICAL MODELING
2.1 Description of model tests
Figure 2 shows the model test conducted on a single pile near a slope. The model test was reported by Chae et al. (2004) where the single pile was located near a sandy slope with a slope angle of 30°. The pile was a hollow steel pipe pile with an outer diameter (D) of 100 mm and a wall thickness of 3 mm. The pile was loaded horizontally with a lateral load H in the dip direction of the slope. The distance between the lateral load and the mudline was 100 mm. The embedment depth of the pile was 500 mm.
[image: Figure 2]FIGURE 2 | Setup of the model test on laterally loaded piles [adapted from Chae et al. (2004)].
Figure 3 shows a typical symmetric 3D finite element mesh using Abaqus was used for analyzing laterally loaded single piles near the sandy slope. dpc was 0D in this case. The single pile and the soil were modeled by C3D8R elements. The pile was assumed to behave elastically. The pile–soil interface was modeled by thin frictional elements (see Figure 3B), as suggested by Xu et al. (2023). C3D8R elements were also used for the pile–soil interface. The elastic–plastic behavior of sandy soil was described by the Mohr–Coulomb model. Table 1 lists the input parameters for the pile, the soil, and the interface. Based on triaxial compression tests of the sandy soil, the peak friction angle [image: image] was 47.5° and the shear expansion angle was estimated based on the equation [image: image] (Tatsuoka, 1993). Young’s modulus E of the soil was estimated from Eq. 1 in Table 1, as suggested by Chae et al. (2004), and Poisson’s ratio [image: image] of the soil was taken as 0.3.
[image: Figure 3]FIGURE 3 | Symmetric 3D finite element model of the single pile near a sandy slope: (A) overall model; (B) the pile–soil interface modeled by frictional elements.
TABLE 1 | Input parameters for the pile–soil system.
[image: Table 1][image: image]
where E0 = 1,143 kPa, [image: image] = 1 kPa, n = 0.8311 kPa, and [image: image]
The base and two lateral sides were fixed in the numerical analyses. Moreover, geostatic analysis was necessary for the slope before the lateral load was applied.
2.2 Model verification
Figure 4 shows the comparisons between simulated and the measured load–displacement curves. It should be noted that the lateral displacement was measured at the location where the lateral load was applied. The results showed that the simulated load–displacement curve agreed well with that measured from the test, demonstrating a sufficient accuracy of the proposed 3D numerical model. Accordingly, the proposed numerical model was considered a benchmark model for the following section.
[image: Figure 4]FIGURE 4 | Comparisons between simulated and the measured load–displacement curves (experimental data from Chae et al., 2004).
3 RESULTS AND DISCUSSION
The sign convention for each direction at the top of the pile is defined in Figure 5. The positive x-axis is the dip direction of the slope. The horizontal force (H) applied in the dip direction was considered to be positive, and the bending moment (M) that forced the top of the pile to move in the dip direction was assumed to be negative.
[image: Figure 5]FIGURE 5 | Sign definition for the bending moment and horizontal force.
To numerically obtain the failure envelope of bearing capacities of the single pile, both horizontal (h) and rotational (θ) displacements were applied simultaneously to the mudline, i.e., the ground surface. Moreover, the ratio of the horizontal displacement increase to the rotational displacement increase was kept constant, i.e., dh/Ddθ = constant. If the pile reached the ultimate state, divergence of the finite element analyses occurred, and then, bearing capacities (H0, M0) were defined as the last point of the load path in the HM plane (Gottardi et al., 1999). By varying the constant dh/Ddθ, the failure envelope of bearing capacities of single piles was obtained.
3.1 Failure envelope of bearing capacities of piles under combined HM loading near slopes
Taking the model in Figure 3 as a benchmark model (dpc = 0D), Figure 6A shows the calculated loading paths of single piles under different constants of dh/Dd [image: image]. The ultimate lateral load (H0) was estimated to be 457.3 N in the dip direction when M = 0, while H0 = −684.9 N for M = 0, where the minus sign denotes the opposite of the dip direction. This result indicated that the ultimate lateral load was reduced by 33% in the dip direction of the slope. On the other hand, the ultimate bending moment (M0) was calculated to be 174.3 N·m in the dip direction and −245.9 N·m in the opposite dip direction when H = 0, indicating that the slope caused 29% reduction in the bearing capacity of piles.
[image: Figure 6]FIGURE 6 | Effect of dpc on the bearing capacities of loading paths of laterally loaded single piles: (A) dpc = 0D and (B) dpc = 4D under different constants of dh/Dd [image: image].
Moreover, the maximum distance (dmax) between the bearing capacity (H0, M0) and the origin (0, 0) was achieved at positive dh/Dd [image: image]. For example, dmax reached the maximum at approximately dh/Dd [image: image] = 10. This was because the horizontal and rotational displacements caused the pile to move in opposite directions in such conditions. As dh/Dd [image: image] decreased, the bearing capacity of piles generally decreased, resulting in a gradual decrease in dmax. dmax reached the minimum at negative dh/Dd [image: image], e.g., h/D [image: image] = −3.2. This was because the horizontal and rotational displacements caused the pile to move in the same direction. In such conditions, the failure of the pile was dominated by either the lateral load or bending moment: (1) on the loading path in the case of h/D [image: image] = −3.6 (see Figure 6A), the horizontal load gradually increased when the bending moment reached the maximum; thus, the pile failure was mainly because of the lateral load; (2) on the loading path in the case of h/D [image: image] = −3.85 (see Figure 6A), the bending moment gradually increased when the lateral load reached the maximum; thus, the bending moment was responsible for the failure of the pile.
From the results shown in Figure 6A, not only the slope but also the different HM combinations significantly affected the bearing capacity of single piles. Therefore, the most unfavorable condition should be considered in the engineering design.
3.2 Effect of the distance (dpc) from the pile to the crest of the slope
To investigate the influence of dpc on the bearing capacity of piles, another parallel 3D finite element model was analyzed and is shown in Figure 6. dpc in this model was 4D, i.e., 400 mm. To eliminate the boundary effect, one side of the model was extended 400 mm outwards (see Figure 7). In the parallel model, input parameters were kept unchanged from the model shown in Figure 3A.
[image: Figure 7]FIGURE 7 | Symmetric 3D numerical model for a single pile with dpc = 4D.
Figure 6B shows loading paths of single piles with dpc = 4D under different constants of dh/Dd [image: image]. In the case of dpc = 0D, the maximum horizontal load (Hmax) and the maximum bending moment (Mmax) were calculated to be −1948.8 N and −651.5 N·m, respectively (see Figure 6A). As dpc increased to 4D, Hmax and Mmax were estimated to be −1940.8 N and −678.3 N·m, respectively (see Figure 6B). These results indicated that the effect of dpc was insignificant on the maximum bearing capacity of single piles because the maximum bearing capacity depended on the soil reaction opposing the dip direction and thus was achieved when both h and θ were negative (see Figure 5). However, when both h and θ were positive, the maximum H0 and the maximum M0 were increased by approximately 44% and 30%, respectively, as dpc increased from 0D to 4D. Moreover, both the maximum H0 and the maximum M0 were increased for other combinations of loading with negative dh/Dd [image: image] due to the increase of dpc. Thus, increasing dpc had an insignificant effect on Hmax but significantly increased the bearing capacity under certain loading conditions, e.g., the minimum bearing capacity.
3.3 Theoretical analysis of the failure envelope of bearing capacities of single piles in the HM plane
From the results shown in Figure 6, the failure envelope of bearing capacities of single piles showed an oblique ellipse in the HM plane. To verify this observation, a general elliptical equation was used to fit the data shown in Figure 6:
[image: image]
where x represents M0 in the HM plane; y denotes the H0 in the HM plane; and C1, C2, C3, C4, and C5 are the constants controlling the elliptical shape. A program was developed to derive the constants from the data based on the least square method. These six constants were used to determine the coordinates of the center of the ellipse (x0, y0), the width and height of the ellipses R1 and R2, and the rotation angle of the semi-major axis [image: image] of the ellipse:
[image: image]
Figures 8A, B show the failure envelope of bearing capacities of single piles near slopes for the cases with dpc = 0D and dpc = 4D, respectively. It should be noted that Figure 8 was determined by collecting the last point of loading paths in Figure 6. The relationship between the horizontal load and the bending moment data can be well-described by an oblique ellipse. Table 2 gives the fitting parameters of Eq. 2. Unlike the ellipse for single piles in the level ground reported by Li et al. (2014), the center of the ellipse was not at the origin but was located in the third quadrant due to the slope effect.
[image: Figure 8]FIGURE 8 | Failure envelope of bearing capacities of single piles near slopes: (A) dpc = 0D and (B) dpc = 4D.
TABLE 2 | Fitting results for the failure envelope of bearing capacities of single piles near slopes.
[image: Table 2]Table 2 also shows that the height R1 and the width R2 of the failure envelope increased by 9.8% and 40.9%, respectively, as dpc increased from 0D to 4D. In addition, the center of the failure envelope was much closer to the origin in the case of dpc = 4D. Thus, the center of the ellipse was approaching the origin and the oblique ellipse became bigger as dpc increased.
4 CONCLUSION
A 3D numerical model was proposed to accurately capture the non-linear pile–soil interaction in sloping ground and was calibrated against a model test. The conclusions are summarized as follows:
(1) The load–displacement curve simulated by the numerical model agreed well with the measured result, indicating a sufficient accuracy of the proposed 3D finite element model.
(2) An oblique ellipse can still be used to describe the failure envelope of bearing capacities of single piles near slopes in the HM plane. However, unlike the piles in the horizontal ground, the center of the envelope is not at the origin for piles in the sloping ground.
(3) The existence of slopes significantly reduced the bearing capacity of piles. On the other hand, the different combinations of H and M had also severely influence the bearing capacity of piles. Therefore, the most unfavorable condition should be considered in the engineering design.
(4) Increasing dpc had an insignificant effect on the maximum bearing capacity of piles but could significantly increase the bearing capacity under certain loading conditions, e.g., the minimum bearing capacity.
(5) The center of the ellipse was approaching the origin, and the oblique ellipse became bigger as dpc increased from 0D to 4D.
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The long-span suspension bridge has suffered from multiple failures of restraints such as supports, dampers, and expansion joints due to excessive accumulated displacement at the girder end. To investigate the main girders’ characteristics in the longitudinal motion of these bridges and the influence of the restraint device on the longitudinal displacement, the motion characteristics were first analyzed based on the measured displacement data of a certain bridge’s main girder; a dynamic finite element model of the bridge’s random traffic flow was then established based on the measured WIM data; combined with the girder end displacement monitoring data, the Euclidean distance was used to verify the correctness and rationality of the proposed model; finally, the model is used to discuss the influence of restraint devices (i.e., viscous dampers and supports) on the main girder in the longitudinal direction. The results show that dynamic loads (such as vehicles and wind) are the principal reasons for huge accumulated travel at the girder end; The viscous damper can effectively control the longitudinal movement; in a certain range, the larger the damping index, the better the control effect of the damper; meanwhile, the friction coefficient of the support also affects the longitudinal motion, but the effect is limited. When the friction coefficient is ≤ 0.03, the girder end’s cumulative displacement gradually decreases with the increasing friction coefficient, and compared to the damping index, the friction coefficient plays a major controlling role in the girder end displacement; when the friction coefficient is >0.03, the damping index plays a major controlling role in the girder end displacement.
Keywords: long-span suspension bridge, longitudinal movement of girder end, traffic load, damper, support
1 INTRODUCTION
Long-span suspension bridges are usually a full-floating or semi-floating structural system, which has the advantage of greater structural flexibility and is conducive to earthquake resistance. However, the stiffened girders will undergo high-frequency and large-scale longitudinal motions under environmental excitation due to the low overall stiffness. The excessive longitudinal cumulative stroke at the girder end causes the actual service life of the auxiliary structure at the girder end to be far lower than the design service life, reducing the bridge structure’s safety and durability (Chen and Wu, 2010; Guo et al., 2018). Current research shows that, in the bridge operation stage, the traffic load causes constant reciprocal movement of the long-span suspension bridge’s main girder end, and the massive cumulative displacement will cause fatigue damage, insufficient durability, and other problems of the restraint devices such as expansion joints, dampers, and supports. In addition, the girder end displacement is also an important parameter for the design and selection of the key restraint device for the suspension bridge (Zribi et al., 2006; Huang et al., 2021). Therefore, it is of great necessity to study the longitudinal motion characteristics, influencing factors, and control methods of long-span suspension bridges’ stiffened girders under traffic loads to ensure their safe operation.
A certain highway bridge is a representative kilometer-scale long-span suspension bridge in China. In the actual operation process, the diseases like expansion joints damage, excessive wear of support slides, oil leakage from dampers, etc. have occurred many times, and the average daily cumulative displacement of the girder end is up to 100 m (before installing the longitudinal damper) (Qu et al., 2023). In order to analyze the longitudinal motion characteristics of the large-span suspension bridge’s main girder and the influence of the restraint device on the displacement, relying on the aforementioned highway bridge, this paper established and validated the dynamic finite element model of the suspension bridge based on the measured girder end longitudinal displacement data and WIM data. Based on this model, the influence of restraint device parameters on the girder end in the longitudinal motion is analyzed, which provides theoretical support for research on longitudinal motion control of stiffening girder and performance improvement of restraint device of a large-span suspension bridge. It also guides restraint device disease monitoring based on girder end displacement.
2 CHARACTERISTIC ANALYSIS OF THE MAIN GIRDER'S LONGITUDINAL MEASURED DISPLACEMENT
In the bridge’s monitoring system, the girder end displacement in the longitudinal motion was continuously monitored using a pull-rope displacement sensor. In order to master the frequency spectrum characteristics of the main girder in the longitudinal motion, according to the Wiener-Khinchin theorem, this paper estimated the PSD (power spectrum density) for the longitudinal monitoring displacement. For displacement signals [image: image], its power spectral density is:
[image: image]
Where: [image: image], meaning the autocorrelation function of displacement signals; [image: image] is displacement signals; [image: image] is the power spectral density of displacement signals [image: image]. It can be seen that the power spectral density of displacement signals is the Fourier transform of its autocorrelation function.
The Welch, periodogram, BT, MTM, and Burg methods are widely used for power spectral density. Among these methods, the maximum entropy spectrum estimation based on the Burg algorithm is representative of modern spectrum estimation methods. It has high-frequency resolution and strong spectrum recognition ability. Therefore, this paper used the Burg algorithm to perform the spectrum analysis on the measured longitudinal displacement data of the bridge’s downstream girder end on 12 October 2020. The corresponding girder end displacement time history curve and power spectrum are shown in Figure 1.
[image: Figure 1]FIGURE 1 | Longitudinal displacement time history curve and power spectrum of the girder end.
As shown in Figure 1, the bridge’s stiffening girder in the longitudinal motion contains many high-frequency and low-amplitude components, which can be mainly divided into two parts from the perspective of spectrum characteristics, and the corresponding frequency ranges are respectively [image: image] and [image: image]. Existing research results show that the above two parts of the frequency range respectively correspond to the stretching deformation of the girder end caused by the diurnal temperature difference (24 h as a cycle, frequency is [image: image]) and the longitudinal forced vibration of the girder end caused by dynamic factors such as vehicles and wind loads, and the low-frequency displacement vibration amplitude caused by temperature is significantly greater than the high-frequency displacement vibration amplitude.
Therefore, in order to further discuss the longitudinal displacement characteristics of the bridge’s girder end, Empirical Wavelet Transform (EWT) is adopted to resolve the displacement time history based on spectral characteristics, and the longitudinal displacement of the stiffened girder is decomposed into two displacement components in different frequency ranges, as shown in Figure 2, and the signal decomposition truncation frequency is 0.02 Hz (Yang and Cai, 2016).
[image: Figure 2]FIGURE 2 | Displacement signal’s decomposition component and power spectrum.
Table 1 presents the statistical parameters of different longitudinal motion components in Figure 2, which can be seen that the statistical parameters of different longitudinal motion components at the girder end differ greatly, and the longitudinal motion amplitude and standard deviation caused by temperature are significantly greater than the longitudinal vibration response caused by dynamic factors. In addition, according to the displacement component time-history curve, the cumulative displacement caused by temperature and dynamic factors is respectively 0.4 m and 118 m, indicating that dynamic factors such as wind and vehicle load are the main factors affecting the cumulative travel of the stiffened girder end. Although the amplitude of the temperature displacement component is large, its frequency is low, resulting in a small cumulative displacement of the girder end, and it has little effect on the performance degradation of the key restraint device directly connected to the girder end. In addition, existing research has found that wind load in the wind-vehicle-bridge coupling system has little influence on the girder end displacement when the long-span suspension bridge is under normal wind, and the high-frequency and low-amplitude vibration of the girder end is mainly caused by vehicle load (Guo et al., 2015). Therefore, to further discuss the influence of the restraint device on the main girder in the longitudinal motion, the longitudinal displacement caused by thermal expansion and cold contraction of the material can be eliminated, and the simulated displacement of the girder under traffic load is taken as the analysis object.
TABLE 1 | The statistical parameters of longitudinal motion components.
[image: Table 1]3 THE FINITE ELEMENT SIMULATION OF THE MAIN GIRDER’S LONGITUDINAL MOTION
3.1 Simulation of traffic load
The vehicle load under bridge operation is complicated and random (Liu et al., 2021), in order to reflect the vehicle load on the bridge, the random traffic flow is perceived as the traffic load in the finite element model analysis to ensure that the vehicle load can include the probable various most adverse load combination so that the analysis results are more suitable for bridge operation.
The simulation of random vehicle load should be carried out based on the measured traffic flow data of the bridge, and the probability distribution model and the statistical law of the vehicle characteristic parameters are obtained using probability theory and numerical methods to establish a random traffic flow model (Chen et al., 2018). The mass of a certain identified vehicle is unchanged when it is driving on the bridge, but the speed and location are changing with time, and its location is closely related to the vehicle type, so the construction of the random traffic flow model requires three main parameters, which are the vehicle type, vehicle speed, and vehicle weigh. The random traffic flow simulation method is as follows:
(1) Bridge vehicle types division: Based on the bridge’s WIM data in the past year, vehicles are divided according to different axle group types, and six basic vehicle types are distinguished. On this basis, wheelbases of different vehicle types are determined according to the measured wheelbase data and common wheelbase parameters, as shown in Table 2. Statistics show that the six basic vehicle types can cover all vehicles passing through the bridge.
(2) Determination of statistical models for the weight and initial velocity of different vehicle types: Analysis of the bridge’s weight data reveals that the weight of each vehicle type exhibits a multimodal distribution, and common distribution functions such as normal and lognormal distributions are unable to fit the data well. Therefore, this paper uses the Expectation-Maximization algorithm to establish a probability statistical model for the weight of vehicles based on a mixture of Gaussian distributions, as shown in Figure 3. In addition, the initial velocity is the basis for simulating the vehicle’s performance on the bridge and plays a decisive role in the travel time of vehicles on the bridge. Based on the distribution characteristics of velocity data, this paper uses the t-distribution to establish a probability statistical model for the initial velocity, as shown in Figure 4.
(3) Random vehicle load simulation: Traffic load simulation mainly simulates the generation of random vehicles and the following situation of vehicles on the bridge deck. Among them, the simulation of random vehicle generation aims to determine the size of the traffic load; the simulation of vehicle following conditions considers the mutual influence between vehicles, and the vehicle following model can be used to calculate the acceleration of vehicles at any time. By leading into the vehicle’s initial speed and arrival time, the position of the vehicle in the direction of travel on the bridge deck can be determined. Relevant studies have shown that the vehicle arrival process follows the Poisson point process of arrival rate λ, the formula for calculating the arrival rate is shown in Eq. 2; The position of vehicles in the transverse direction of the bridge is mainly selected based on the lane distribution characteristics of the vehicles. This article determines the lane selection characteristics of the bridge based on the bridge WIM data, as shown in Table 3.
[image: image]
TABLE 2 | Vehicle type classification.
[image: Table 2][image: Figure 3]FIGURE 3 | Probability distribution model of vehicle weight.
[image: Figure 4]FIGURE 4 | Probability distribution model of vehicle speed.
TABLE 3 | Lane distribution (%).
[image: Table 3]Where: [image: image] is the average hourly traffic volume during the simulation period.
In a word, the main process for establishing a stochastic vehicle flow dynamic model is as follows:
①Determine bridge traffic volume based on statistical data of bridge traffic flow during simulation periods; ②Based on the traffic volume and simulation duration, the number and arrival time of vehicles are generated according to the Poisson point process theory; ③Determine a statistical model for vehicle parameters based on WIM data, and use the Monte Carlo method to generate a vehicle model library containing vehicle information parameters; ④Based on the vehicle model library containing vehicle information parameters, vehicle arrival time, and initial speed, the vehicle operation program based on the vehicle following theory can calculate and obtain the load data (i.e., vehicle flow data) of each bridge node under each load step; ⑤Load the traffic flow data into the finite element model and perform transient dynamic analysis, extract the longitudinal displacement time history of the beam end for subsequent research.
3.2 Dynamic model updating and inspection
Figure 5 shows the suspension bridge’s three-dimensional finite element model established using ANSYS. The main girder was simulated using Beam188 elements, while the main cables and suspender cables were simulated using Link10 elements. The end of the main cables and the bottom of the bridge tower were all solidified, the main tower and the main cables obeyed the master-slave constraint relationship at the top position of the tower, and the main cables and suspender cables shared the same node at the cable clamp, suspender cables shared the same node with the main girder at the lifting point, the support was simulated by elastic support, and the girder end dampers were simulated by the Combin37 unit based on the kelvin model (Hu et al., 2020). The girder end displacement simulation under traffic load is carried out by loading the dynamic random traffic flow data obtained based on the above traffic load simulation method into the finite element model for transient dynamic analysis.
[image: Figure 5]FIGURE 5 | The bridge’s finite Element Model.
In addition, in order to ensure that the longitudinal simulated motion of the main girder under random traffic flow accords with the actual operating condition of the bridge, the model was updated by adjusting the girder end restraint parameters based on the mechanical performance test results of the bridge’s the restraint device.
Based on the bridge’s service support, the mechanical properties of the support are tested by changing the state of the wear plate, and the corresponding hysteresis curve is obtained as shown in Figure 6, which shows that the wear plate’s friction coefficient of the support is 0.011 under the condition of new silicone grease coverage, which satisfies the specification limit of 0.03. While the friction coefficient of support with a service life of 3.5 years is 0.057, which is much larger than the specification value, and significantly larger than that under the condition of no silicone grease or severe wear (0.028/0.047), indicating that the bridge support with a service life of 3.5 years is not in the service condition of no silicone grease or severe wear, and the significant increase of its friction coefficient mainly lies in the hydrolysis of silicone grease and foreign matter inclusions. The changing trend of the friction coefficient during the support service process is shown in Figure 7. Since the support’s service life is about 2.5 years when the dampers are installed, the friction coefficient of the model support is taken to be 0.03 as a result of the above test.
[image: Figure 6]FIGURE 6 | Hysteresis curve of the bridge’s service support.
[image: Figure 7]FIGURE 7 | Variation of friction coefficient during the support’s service.
The bridge’s health monitoring results showed that its main girder movement velocity is less than 10 mm/s, as shown in Figure 8. The mechanical performance experiment of the bridge’s viscous damper shows that the mechanical relationship of the damper before and after service under low-speed conditions (<10 mm/s) do not satisfy its design constitutive relationship, and the damping force under low-speed conditions is smaller than the design value, as shown in Figure 9. Therefore, the damping index of the damper in the model is adjusted to 1,000 [image: image] (smaller than the design value), and the adjusted damping force is consistent with the test results, as shown in Figure 9, and the velocity index is the design value of 0.3.
[image: Figure 8]FIGURE 8 | Measured girder end motion speed.
[image: Figure 9]FIGURE 9 | Damping force versus velocity.
To validate the accuracy of the dynamic analysis model, Figure 10 compares the time-domain curves of the girder end’s simulated longitudinal displacement and the measured high-frequency longitudinal displacement (obtained based on the EWT method). It can be seen that the two time-domain curves are relatively similar in fluctuation.
[image: Figure 10]FIGURE 10 | Comparison of longitudinal simulated displacement and measured displacement at girder end.
To quantitatively evaluate the similarity between the simulated displacement and the measured displacement, this paper uses the Euclidean distance as the corresponding index. The expression for calculating the Euclidean distance is as follows:
[image: image]
Where [image: image] and [image: image] are the vectors of the two types of signals; the smaller the Euclidean distance, the more similar the two signals. The calculated similarity between the simulated displacement and the measured displacement is 0.1634, indicating that the two signals have a high degree of similarity. Therefore, it can be concluded that the finite element model under random traffic loads established in this study can well simulate the dynamic displacement response of the girder end.
4 INFLUENCE OF CONSTRAINT DEVICE ON GIRDER END DISPLACEMENT
4.1 Effect analysis of viscous damper
The significant longitudinal displacement of a long-span suspension bridge’s stiffening girder under dynamic load is characteristic of its structure itself. To control the stiffening girder end displacement response and prolong the service life of expansion joints, bearings, and other components, viscous dampers are usually installed longitudinally at the joint of the tower and girder (Zhao et al., 2020). For analyzing the influence of viscous dampers on the main girder’s longitudinal motion, based on the above finite element model under random traffic flow and the measured data of the bridge, this paper compares and analyzes the displacement of the girder end before and after installing dampers to verify the control effect of viscous dampers on the girder end’s longitudinal motion.
Figure 11 shows the finite element simulated longitudinal dynamic response of the girder end with random traffic flow before and after installing dampers. As can be seen, the amplitude of the longitudinal displacement response is reduced to a certain extent after the damper is installed, and the cumulative stroke of the girder ends in 10min before and after the damper is installed is also reduced from 0.96 m to 0.83 m, with a reduced range of 14%, indicating that the installing of the viscous damper can effectively suppress the high-frequency displacement of the girder end caused by vehicle load.
[image: Figure 11]FIGURE 11 | Simulated displacement of the girder end before and after damper installation. (A) Longitudinal displacement time history of girder end (10 min). (B) Longitudinal cumulative displacement of the girder end.
Comparing the longitudinal monitoring displacement power spectrum of the girder end before and after installing the damper in the bridge, it can be seen that the amplitude of the high-frequency band in the displacement power spectrum and the details amplitude of longitudinal vibration at the girder end are reduced after installing dampers, as shown in Figure 12. The change tendency is consistent with the above simulation results, further verifying the accuracy and rationality of the above dynamic model.
[image: Figure 12]FIGURE 12 | Measured displacement of the girder end before and after installing the damper. (A) Comparison of the power spectrum of monitoring displacement at the girder end. (B) Comparison of measured dynamic displacement at the girder end.
4.2 Sensitivity analysis of damper parameters
The energy dissipation principle of viscous damper mainly lies in that hydraulic oil passes through the damping hole under the action of pressure difference to generate damping force, and its expression of damping force is:
[image: image]
Where [image: image] is the velocity, [image: image] is the damping index, and [image: image] is the velocity index. It can be seen that when the velocity index is constant, the damping force increases with the increase of the damping index; when the damping index [image: image] is constant, the damping force decreases with the increase of velocity index [image: image] under the condition that [image: image], the damping force increases with the increasing velocity index [image: image] under the condition that [image: image] (Zhao et al., 2020).
At present, viscous dampers have been widely used in long-span bridges at home and abroad, but the selection of damper parameters is often determined according to subjective experience, and there is no clear unified standard. Therefore, the influence of damping indexes on the dynamic response of the girder end is further discussed based on the finite element model of random traffic flow, that is, the velocity index is 0.3, and the damping indexes were separately set to [image: image] and [image: image].
The variation curves of the girder end’s longitudinal cumulative displacement at different damping indexes are compared, as shown in Figure 13. It is shown that the damping index is positively correlated with the control effect when the speed index is constant, that is, the greater the damping index, the better the dampers suppress the girder end in the longitudinal motion, and the cumulative longitudinal displacement of the girder end is reduced by 21% when the damping index is increased from 1,000 to 8,000 [image: image]. In addition, Table 4 gives the 10min cumulative displacement and displacement control rate under different damping indexes, and the results show that with the increase of damping index, the cumulative displacement and its control rate gradually smooth out, and the displacement control effect is optimal when the damping index is 4,000 [image: image]. It is clear that after the damping index increases to a certain degree, the control effect of the damper on the girder end displacement does not improve significantly, and the damping index is too large will lead to the damper in a long-term high-load working condition, which is not conducive to the durability of the member, and to a certain extent will also change the force characteristics of the suspension bridge. Therefore, the optimal value should be selected according to the code and the results of dynamic response analysis when refining the design of suspension bridge girder end dampers.
[image: Figure 13]FIGURE 13 | Effect of damper parameters on cumulative displacement at the girder end.
TABLE 4 | Cumulative displacement of girder end under different damping indexes.
[image: Table 4]4.3 Sensitivity analysis of support parameters
The existing studies have shown that support friction also has a certain inhibitory effect on girder end displacement, and its effect cannot be ignored (Huang et al., 2021). In order to further obtain the influence of support friction resistance on the displacement of the girder end, this paper quantifies the degree of sensitivity of support parameters by comparing the cumulative displacement of the girder end under different support friction coefficients. Referring to the support test results in Figure 7, the friction coefficients of the support in the dynamic model are selected as 0.01∼0.07, and the trend of the cumulative displacement of the girder end under different friction coefficients is shown in Figure 14. It can be seen that the cumulative displacement of the girder end decreases obviously with the increase of the friction coefficient and then tends to a stable value, which indicates that the control effect of the support friction on the girder end’s longitudinal motion is limited. That is, when the friction coefficient is within the range of 0∼0.03, the increase of the friction coefficient has an obvious control effect on the main girder in the longitudinal displacement; While after the friction coefficient is greater than 0.03, the increase of the friction coefficient has little effect on the main girder in the longitudinal displacement, and the cumulative displacement of the girder end only fluctuates slightly, as shown in Table 5 In addition, it is observed that after the friction coefficient of the support is greater than 0.03, the displacement of the girder increased. The reason is that the limited friction resistance of the support is relatively large, which may cause the main girder to be in a temporary equilibrium state during longitudinal motion. However, due to the friction resistance of the support is still not enough to completely suppress the main girder in the longitudinal motion, the sudden imbalance state of the main girder will generate a shock effect to excite longitudinal vibration, causing an increase in the displacement of the girder end, The calculation results indicate that the increase is very small and its impact can be ignored. Therefore, in bridge operation, whenever the service time of the bearing increases, the friction coefficient of the support firstly increases and then decreases, which causes the cumulative displacement of the main girder to decrease significantly and then stabilize, and the actual monitoring data also prove the correctness of this conclusion, as shown in Figure 15.
[image: Figure 14]FIGURE 14 | Effect of friction coefficient of support on the girder end’s cumulative displacement.
TABLE 5 | Cumulative displacement of girder end under different friction coefficients.
[image: Table 5][image: Figure 15]FIGURE 15 | Cumulative displacement change of girder end monitoring.
From the analysis of the control effect of the constraint device parameters, in the early stage of service of the support (friction coefficient<0.03), compared with the damping index, the increase in friction coefficient of the support has a relatively better effect on the displacement of the girder end, that is, the friction coefficient increases by four times (0.01–0.04), and the displacement control rate is 28%, while the damping coefficient increases by four times (1,000 [image: image] to 4,000 [image: image]), and the displacement control rate is only 12%; After about 2 years of service support (friction coefficient>0.03), the change in friction coefficient of the support has little impact on the displacement of the girder end, while the damping index plays a main control role on the displacement of the girder end.
5 CONCLUSION
Taking a certain highway bridge as an example, this paper establishes and tests a bridge random traffic dynamic analysis model based on the monitoring data and WIM data, and the constraint device parameters’ sensitivity analysis is also conducted based on the model. The analysis results show that:
(1) The longitudinal movement at a long-span suspension bridge’s girder end is mainly caused by temperature changes, vehicles, wind loads, etc. The frequency range of longitudinal displacement can be divided into two parts: [image: image] (caused by temperature) and [image: image] (caused by dynamic factors, i.e., vehicles, wind loads, etc.). The high-frequency and low-amplitude dynamic displacement component is the main reason for the huge accumulated travel of the girder end.
(2) Based on the measured WIM data of the bridge, a random traffic flow model can correctly and reasonably simulate the long-span suspension bridge’s girder end in the longitudinal motion under the action of vehicle load, and its motion characteristics are highly similar to the measured data.
(3) The viscous damper of the long-span suspension bridge can effectively control the girder end’s longitudinal movement, and the damping index is non-linearly and positively correlated with the control effect, that is, the control effect gradually stabilizes as the value of the damping index increases. Therefore, the optimal value of damping indexes should be selected according to the code and the results of dynamic response analysis when refining the design of suspension bridge girder end dampers. In this article, the optimal value of bridge damping index is recommended to be 4,000 [image: image].
(4) The increase of the friction coefficient of the vertical support of the suspension bridge can inhibit the girder end in the longitudinal motion to a certain extent, but with limited effect, when the friction coefficient is greater than 0.3, its change has little effect on the displacement of girder end.
(5) In terms of the friction coefficient and the damping index, in the early stage of service support (friction coefficient<0.03), the friction coefficient plays a main control role on the displacement of the girder end, while after about 2 years of service support (friction coefficient>0.03), the damping index plays a main control role on the displacement of the girder end.
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Transmission tower structures support high-voltage power lines that carry electricity over long distance and rockfall is one of critical disasters during its safe operation. This paper presented a simplified analytical methodology for lateral dynamic responses of a transmission tower structure due to rockfall impact. At first, the lateral dynamic displacement of a lattice transmission tower structure can be represented by a second-order partial differential equation and half sine wave was used for rockfall impact. Then, the solution can be approximated by a set of specified shape functions multiplied by time-dependent generalized coordinates. And the partial differential equation is discretized into a set of single degree of freedom system. And then the shape function can be determined by solved an eigenvalue function and the fundamental frequency of a transmission tower can was derived based on the energy method and combination synthesis method. Finally, the lateral dynamic displacements can be approximately obtained. A numerical study of a transmission tower was conducted. Parametric study of the effect of impact location height, impact duration, peak impact force, as well as the distribution of cross-arms on dynamic responses were also carried out. And the results show that the discrepancy between the analytical and the computed of fundamental frequency is less than 3%, the error of dynamic displacement is within 10%, and the fundamental frequency of the structure decreases with the increase of the tower top additional mass ratio.
Keywords: transmission tower, rockfall impact, fundamental frequency, dynamic displacement response, modal analysis
INTRODUCTION
Electricity plays a significant role in social development and various industries. After years of development, China has built a large-scale power transmission network that inevitably passes through regions with complex terrain (Cai and Wan, 2021). As the conQA23ng nodes between high-voltage transmission lines and the ground, transmission towers are often built on steep slopes of mountains to reduce transmission distance and power loss (Xu et al., 2022). This terrain condition increases the possibility of geological hazards. Transmission towers are susceptible to catastrophic damage caused by rockfall impacts, which can further lead to local instability (Cai et al., 2019; Xu et al., 2023) and collapse of the entire tower (Xu et al., 2021; Xue et al., 2023). Rockfall is a major disaster that seriously threatens the structural safety of transmission towers in mountainous areas.
Researchers have carried out a large number of studies on transmission towers to ensure the stable operation of the power grid (Li et al., 2022; Li, et al., 2023). In the field of finite element analysis. The study conducted by Fu and Li. (2016) investigated the dynamic response of tower systems under wind and rain loads. It was found that the average displacement amplification of the structure was 22% higher under combined wind and rain loads than when under wind loads alone. He S et al. (2019) developed a model for a three-tower, two-span tower-line system to investigate the response of the towers to wind-induced vibrations. The results indicated that the dynamic response was higher than the static response, with a stress ratio of 1.43. Morgan and Swift. (1964) identified that the behavior of the tower-line system was affected by the height of ice shedding to varying degrees. The study results revealed that ground clearance of the lower conductor of the loaded span drops below the safety limit for ice loads beyond 1 pound per foot. The study conducted by Yang and Hong. (2016) examined the nonlinear and non-elastic response of tower-line systems exposed to downburst loading. The outcomes of the investigation suggested that the load-carrying capacity curve of an individual tower was able to represent the curvature for the tower-line system. Zhou et al. (2022) performed physical model testing and numerical analysis on transmission tower landslides caused by rainfall. The study identifies the failure process and modes of these landslides. Gong and Zhi (2020) performed an analysis on the failure mode of transmission towers impacted by earthquakes. The outcomes of their study demonstrated that the failure mode of the towers, under severe seismic impacts, was in-plane global collapse as a result of local failures. According to Tian et al. (2019) a collapse analysis of transmission tower was conducted to evaluate their structural durability when exposed to varying wind angles. The results show that the bending deformation in the mid-section of the tower body was significantly better than the shear deformation, ultimately leading to the failure of its main components. The analysis of transmission tower line systems using tower and cable models is complicated and time-consuming due to the wide range of tower types. As a result, the numerical calculations required for such models can be very complex.
Buildings in mountainous areas are prone to the impact of rockfall disasters caused by earthquakes, landslides, and debris flows (Happ and Noble, 1993). In terms of the conditions for rockfall occurrence, the collapsed rock masses are mostly concentrated on slopes with a gradient greater than 32°, and after detaching from the bedrock, they fall and collide continuously with trees, buildings, and other objects, with impact velocities mostly below 20 m/s. Although the rockfall impact belongs to low to medium-speed impact, the large mass of falling rocks can still acquire significant energy during the falling process (Wyllie, 2014). In terms of the analytical solutions for displacement response under impact, Zhang et al. (2023) derived a formula to measure the largest displacement caused by kinetic energy during impact. The study found that doubling of the impactor’s mass results in a 150% increase in the maximum displacement. Wang et al. (2014) proposed two enhanced analytical techniques rooted in forced vibration theory and variable separation method to determine the natural frequency and mode shape of a uniformly cantilevered beam. Prasada Rao et al. (2004) derived a formula for predicting the natural frequency of tower-like structures based on theoretical deformation and geometric parameters. In addition, Yan et al. (2018) investigated the influence of rockfall impact angle on the impact response of reinforced concrete slabs. Their findings revealed that both the sphericity of the impacting object and the angle exert impact on the RC slabs. Prakash et al. (2021) conducted a study on the dynamic prediction of beam behavior subject to rockfall impact. The study found that the safety of the structure is primarily influenced by the impact mass. According to analysis of existing literature, there are few relevant studies on the analytical solutions of displacement response of transmission towers under rockfall impact, which is contrary to the increasing scale and potential protection needs of mountainous transmission networks.
Rockfall disasters seriously threaten the safety of mountainous transmission networks. In order to carry out impact-resistant design of structures and understand the impact of rockfall loads on transmission tower structures effectively, it is necessary to conduct in-depth research and take protective measures. This paper proposes an approximate algorithm for the fundamental frequency of tower structures based on the energy method and combination synthesis method. It derives the displacement response of iron towers under falling rock impact, verifies the proposed approximate algorithm through ABAQUS finite element numerical simulation, and parametric analysis was also carried out. This paper was organized as follows. Section 2 is devoted to theoretical derivation for the fundamental frequency and lateral dynamic displacements of the tower structure; Case study of a transmission tower was carried out in section 3; And conclusions are drawn in section 4.
THEORETICAL DERIVATION
The lateral dynamic displacements of a lattice transmission tower structure can be expressed as a partial differential equation
[image: image]
where Y(z,t) = transverse dynamic displacement, E = Young’s modulus of material, C = tower damping intensity, m = Tower mass per unit length, Q(z,t) = impact load function. The transmission tower is a complex structure that can be reduced as a cantilever beam with a varying cross-section (Jiang et al., 2011; Wang et al., 2015). As a result, the inertia of cross Section 1 can be simply represented by
[image: image]
Where β = the change rate of tower section.
The continuous lateral displacement Y(z,t) is represented by the finite sum the production of shape functions and generalized coordinates (Erturk and Inman, 2011)
[image: image]
where φi(z) = Characteristic function of linear uniform cantilever transfer tower, yi(t) = generalized coordinates over time.
The impact of rockfall is a transient effect. And the impact of rock falling on the tower can be approximated by the impact function F (z,t) in terms of piece-wise function (Wang et al., 2014)
[image: image]
Where P and t0 = the half sine pulse force magnitude and duration, respectively; l0 = the height of the bottom end of the transmission tower from the impact point, δ = unit pulse function.
After substituting Eq. 3 into Eq. 1 and multiplying φj(z) on both sides of Eq. 1, then integrate each term of Eq. 1 over span L and divide by m, it yields (Wang et al., 2017):
[image: image]
in which
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The right side of Eq. 5 can be formulated as
[image: image]
in which
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After substituting Eq. 6 into Eq. 5, the generalized time-dependent coordinates yi can be determined
[image: image]
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in which
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The eigenfunction of a transmission tower with cross arms is given by (Erturk and Inman, 2011)
[image: image]
where Ai = the modal constant, L = the height of the tower, λi = the eigenvalue, and Bi is given by
[image: image]
The eigenvalue of a system can be determined by solving the characteristic equations (Erturk and Inman, 2011)
[image: image]
Once the eigenvalues solved in Eq. 12 and then substitute Eqs 8–10 into Eq. 3, the lateral dynamic displacements of a transmission tower equipped with cross arms subjected to rockfall impact can be determined.
The fundamental frequency of the vibration of a transmission tower structure using energy method is given by (Gu and Yin, 1983)
[image: image]
where xf (z), xs (z) = displacement due to bending and shear deformation of the structure, respectively; G, E = shear modulus and modulus of elasticity of the structure, respectively; Wi = concentrated mass load, k' = 5/6 (rectangular section), G = 3E/8, and cross-sectional area A = A0(1+βz/L).
Since the variation of the cross-section and additional cross arms of the transmission tower, it is difficult to calculate the fundamental frequency. Herein the combined synthesis method is used to calculate the simplified calculation of multiple subsystems. According to the combination synthesis method, its fundamental frequency can be approximated by a combination of the fundamental frequencies of subsystem (Gu and Yin, 1983).
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Where [image: image] = the subsystem frequency composed of tower mass distribution and bending stiffness; [image: image] = the subsystem frequency composed of tower mass distribution and shear stiffness; [image: image] = the subsystem frequency composed of cross arm mass and bending stiffness near the top tower; [image: image] = the subsystem frequency composed of cross arm mass and shear stiffness near the top tower; and [image: image] = number of additional masses.
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The selected deflection function must satisfy the geometric boundary conditions. Since a transmission tower structure can be idealized as a cantilever beam with a stationary end and a free end, xf represents the deflection due to bending and it could be chosen as follows (Erturk and Inman, 2011)
[image: image]
Cf is unknown coefficient. And xs represents the displacements due to shear deformation and it could be taken the first two Fourier steps as follows Cf is unknown coefficient. And xs represents the displacements due to shear deformation and it could be taken the first two Fourier steps as follows
[image: image]
Cs is unknown coefficient.
By substituting Eq. 19 into Eqs 15, 17 and substituting Eq. 20 into Eqs 16, 18, we obtain:
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And finally, the fundamental frequency of a transmission tower structure can be determined by substituting Eqs 21–24 into Eq. 14
CASE STUDY
FEM of a transmission tower
The transmission tower structure under consideration has a height of 36 m, as shown in Figure 1. The tower’s Finite Element Model (FEM) was created by ABAQUS software, and B31 element was adopted for beam members. The cross-section of beam member is angle steel and the tower base dimensions are 6.5 m × 6.5 m. The main members’ inclination angle is 85°.
[image: Figure 1]FIGURE 1 | FEM by ABAQUS.
The tower body composes of the primary, diagonal, and auxiliary members, all constructed of Q235 steel, and the physical parameters are: mass density of 7850 kg/m³, modulus elasticity 206 × 1011 Pa, and Poisson’s ratio 0.3. The beam members are all made of “L" shaped angle steel, with main member sizes (mm × mm) including 160 × 12, 140 × 12, 140 × 10, 125 × 8, 100 × 8, 90 × 7, 80 × 6, 75 × 6, 75 × 5, and 70 × 5. The Johnson-Cook constitutive model was adopted as the dynamic constitutive model, which is mathematically expressed as
[image: image]
where U, V, n, W and m are material parameters summarized in Table 1; [image: image] = the equivalent stress and equivalent plastic strain, respectively; [image: image] = reference strain rate, [image: image] = the dimensionless equivalent plastic strain rate, dimensionless temperature [image: image], Tr and Tm = the reference temperature and the melting point of the material, T = room temperature. Rayleigh damping is used, where the Alpha value is 0.00063 and the Beta value is 3.9 × 10−6.
TABLE 1 | Parameters in steel J-C constitutive relationship of Q235B.
[image: Table 1]For simplicity, spherical models of falling rocks have been widely used in existing literature (He B et al., 2019; Xie et al., 2020). In this paper, a spherical model with a diameter of 1 m was used to represent falling rocks. The rock is assumed to be a sphere in order to simplify the model, and the impact between the rock and the transmission tower is modeled as a face-to-face contact. The contact area of the transmission tower is angle steel member and falling rock sphere can be considered as a target contact surface. The base of the transmission tower is assumed fixed, and the members are rigidly connected. In this study, the rock sphere mesh and the beam element were set to 100 mm. The falling rock properties were defined as follows: density of 2500 kg/m³, elasticity of 20GPa, and Poisson’s ratio of 0.2 (Lan et al., 2007). Rockfall is usually quite common in mountain areas with slopes greater than 32° and impact velocities are mostly under 20 m/s. Herein, rockfall with impact velocities of 10 m/s was used (Wyllie, 2014). Since the rotational energy of the falling rock accounts for only 10% of the translational energy during impact, the effect of angular velocity is ignored during the simulation (Chau et al., 2002). According to existing literature, the duration of impact action due to falling stones on prestressed concrete bridges is about 0.1–0.2s (Zhang et al., 2022), and on reinforced concrete columns is about 0.1–0.2s (Xie et al., 2020). The impact time of stone ball on a steel plate as well as iron ball on concrete slab is about 0.1–0.3s (Yu et al., 2018), and on steel pipe is about 0.4s (Chen et al., 2020). Herein, the impact action time is set as 0.2s.
Results and discussion
Figure 2 illustrates the first six natural frequencies and corresponding modal shapes obtained through modal analysis of the transmission tower. It can be seen that the first two natural frequencies are bending along the Y direction, and X direction respectively. The first-order natural frequency, calculated using Eq. 14, is 1.9801 Hz, and it is quite close to the results of 1.9375 Hz by the model analysis in ABAQUS, around 2.2% error.
[image: Figure 2]FIGURE 2 | The first six natural frquencies and modes of transmission tower.
Figure 3 shows the time history of dynamic displacement on the top of the tower after the impact. After impact, the tower structure oscillated back and forth around the central point until it came to rest. The theoretical values are the results calculated based on the Eq. 3, and the simulated values are computed by the finite element software. Figure 3A illustrates the maximum dynamic displacement on the top of the tower, which is 4.46 mm. From Eq. 3, the maximum displacement response is 4.07 mm, with error of 8.7%. This is far less than the specification that the deflection curve of different types of towers under load should not exceed 2L/1000-7L/1000 (GB 50545-2010, 2020). According to Figures 3B, C, where the transmission tower is at heights of 31 m and 26 m respectively, the maximum theoretical values are 3.23 mm and 1.77 mm. The corresponding finite-element analysis results show a small discrepancy, with errors of 9.4% and 7.8% respectively.
[image: Figure 3]FIGURE 3 | Diasplacement resposes at different positions: (A) Z = 36 m; (B) Z = 31 m; (C) Z = 26 m.
Parametric analysis
Parametric analysis was carried out to examine the effect of the impact of rockfall on the dynamic displacement response of the transmission tower. A set of variable parameters based on the characteristics of rockfall in mountainous areas, such as impact height, impact duration as well as peak impact force, as summarized in Table 2 (Xie et al., 2020; Prakash et al., 2021).
The transmission tower under consideration has four cross-arm, and it can be simplified as a cantilever beam structure, and the influence of the number of cross-arms on the transmission tower was also considered. To improve the accuracy of the formula, the cross-arm part was simplified as an additional mass in theoretical analysis.
TABLE 2 | The effect factors during rockfall impact.
[image: Table 2]Impact height
Figure 4A shows the results of calculating the displacement response at the top of the transmission tower when the impact duration lasts for 0.02 s and the height of falling rocks are 3 m, 5 m, and 9 m respectively, with the peak impact force being 650 kN and other parameters remaining constant.
[image: Figure 4]FIGURE 4 | Displacement responses on the top tower: (A) impact height; (B) impact durction time; (C) peak impact force; (D) cross arms.
The maximum displacement of the transmission tower’s top is 3.22 mm at an impact height of 3 m, for 5 m, the maximum displacement is 4.03 mm, and for 9 m, the maximum displacement is 6.05 mm. Increasing the impact height results in non-linearly increasing displacement of the top of the tower. This arises because a higher impact position transfers greater kinetic energy to the transmission tower from the falling rocks.
Impact duration time
The falling rock impact height was set to 5 m, and the peak impact force was set at 650 kN. To examine the impact of the falling rock on tower top displacement, varying falling rock impact times of 0.01 s, 0.02 s, and 0.03 s were explored while all other parameters were kept constant.
The findings illustrated in Figure 4B demonstrated that as the duration of impact increases, the maximum displacement of the top of the transmission tower also increases. The maximum displacement when the impact duration time is 0.01 s is 2.01 mm, 4.03 mm when the time is 0.02 s, and 6.04 mm when it is 0.03 s. The dynamic displacement of the top tower considerably increases as the falling rock impact time increases, primarily due to the greater kinetic energy transferred from the falling rock to the transmission tower.
Peak impact force
It is assumed that the impact height is 5 m and the impact lasts for 0.2 s, the effect of peak impact force was investigated. The peak impact forces of falling rocks are 300 kN, 650 kN, and 1000 kN respectively, and the dynamic displacement response on the top transmission tower is shown in Figure 4C.
The peak impact force of rockfall has great effect on the transmission tower. The maximum displacement on the top transmission tower was measured for various peak impact forces, resulting in a displacement of 1.45 mm for 300 kN, 4.03 mm for 650 kN, and 7.91 mm for 1000 kN. The impact force of falling rocks has a significant effect on dynamic displacements of the tower’s top structure. This effect is evident and implies that the greater the impact force, the larger the displacement.
Number of cross arms
The cross arm is considered as an additional mass, and in the calculation formula of the fundamental frequency, the distributed mass and the additional mass of the tower body are both considered. The effect of the number of cross arms was also investigated. Herein four cross arms double cross arms are compared with no cross arms situation. The results of the dynamic displacement response on the top tower is shown in Figure 4D.
The maximum displacements on the top tower with three cases of cross arms conditions are 4.03 mm, 3.77 mm, and 3.49 mm, respectively, and their self-oscillation frequencies are 1.98 Hz, 2.03 Hz and 2.07 Hz respectively. The cross arms can be considered as additional mass attached on the different position of the tower. It is evident that as the number of cross arms, i.e., the additional mass increased, the dynamic displacement on the top tower also increases while the frequency decreases.
The results of the parametric study showed that the displacement of the transmission tower is significantly affected by both the impact height and the peak impact force of falling rocks. Unfortunately, the design codes for transmission lines do not provide any specific measures for preventing and controlling the impact of falling rocks on transmission towers. It is recommended that designers should pay much attention to areas prone to rockfall disasters and exclude rocks with excessive height and potential for producing significant impact forces to avoid hazards to transmission towers.
CONCLUSION
In this paper, we present an algorithm that estimates the fundamental frequency of tower structures. The algorithm combines the energy method and the combination synthesis method to provide an accurate approximation. The bending and shear deformations of transmission towers, as well as the effects of the distribution and variable cross-section characteristics of cross-arms near the tower top are also under consideration. The displacement response of the tower under rockfall impact is derived. The parametric analysis was also carried out. The following conclusions are drawn.
(1) The peak impact force has a larger impact on the displacement response of transmission towers when compared to the impact action time, impact height, and number of cross-arms.
(2) With the increase of the number of cross-arms on the top tower, which is the additional mass ratio, the displacement of the top tower will increase and the vibration fundamental frequency of the structure will decrease.
(3) The comparison verification by finite element example shows that the errors of the theoretical data of displacement response are within 10%, and the errors of fundamental frequency are only 2.2%.
The algorithm proposed in this article is not only applicable for the calculation of the fundamental frequency and displacement response of transmission towers, but also suitable for other tower-like structures. However, the article did not take into account the cable effect on transmission towers. The dynamic displacement responses of tower-like structures under cables constraint conditions needs further research.
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To ensure the safe operation of bridges, the study of methods and techniques for boom replacement has become a crucial aspect of the scientific maintenance of suspension bridges. This study focuses on analyzing the bridge responses and evaluating the applicability of three different boom replacement methods: single-point, three-point and five-point, using finite element calculations. A sea-crossing suspension bridge is taken as a case study to simulate the process of boom replacement using temporary booms. Consequently, the optimal replacement method for booms of varying lengths is determined. Meanwhile, this research proposes a quantitative basis for classifying boom lengths based on calculation data and analysis results to determine the suitable boom lengths for different replacement methods. Besides, a comparison of the relationship between the force transmission efficiency of temporary booms and boom length reveals that longer booms exhibit lower force transmission efficiency, with the efficiency decreasing at a faster rate as boom length increases. Overall, these findings provide a theoretical basis for the study of boom replacement in suspension bridges.
Keywords: suspension bridge, replacement method, boom length, force transmission efficiency, adaptability analysis
1 INTRODUCTION
With the improvement of China’s economic level and engineering construction capacity, a lot of long-span suspension bridges (Huang and Zhang, 2021) have been constructed across canyons, rivers, streams, and sea areas throughout the country. However, these bridges are inevitably subjected to performance degradation due to harsh environmental conditions. Therefore, studying the maintenance of suspension bridges is of utmost importance. The boom plays a crucial role as a force transmission element in suspension bridges, connecting the main cable and the main beam while transferring the self-weight of the main beam and various loads to the main cable, tower, and anchorage structure. Therefore, the function and condition of the boom are closely intertwined with the safe operation of suspension bridges. Once a bridge is put into service, the boom undergoes gradual changes in appearance, mechanics, material properties, and other aspects due to external environmental factors, permanent and variable actions, and even accidents. As a result, various defects may arise, posing risks to the bridge’s safety. Available data indicates that within 2–3 years of operation, several issues such as cracking of the protective layer, component corrosion, steel wire corrosion, cable body water seepage, and shaft sleeve wear have been observed to varying degrees in some bridges (Cao, 2020; Dou, 2020; Han, 2020). Rust greatly reduces the fatigue life of a single steel wire in the suspension boom. As a vulnerable structure, the service life of the suspension boom is generally 20 years (Xu, 2020; Yang and Lu, 2022). The Technical Code of Maintenance for City Bridge specifies that the replacement of booms should be considered if the wire breaking rate of the cable exceeds 2%, or the section reduction caused by corrosion of the steel wire exceeds 10% (Sun, 2014).
Numerous examples of boom replacement in suspension bridges can be found at home and abroad. Specifically, all booms of the Forth Road Bridge in the United Kingdom were replaced after 40 years from its opening to traffic in September 1964 (Alastair and Colford, 2017). The Aquitaine Bridge in France underwent a complete overhaul of its cable system as a result of main cable corrosion (Li, 2021). All booms of the Lions Gate Bridge in Vancouver Canada were replaced in around 2000, marking the world’s first instance of boom replacement for an entire bridge without interrupting traffic (Radojevic et al., 2019). Four groups of booms in the Shantou Bay Bridge were replaced by engineering personnel in 2012 due to significant deterioration during the bridge’s extended period of service (Wang et al., 2015). Urgent boom replacements were carried out on the Jiangsu Runyang Bridge in 2017 following severe fire damage (Yuan et al., 2021), and all booms of the Fushun Tianhu Bridge were replaced in 2015 (Yu et al., 2019).
Despite numerous examples of boom replacement projects at home and abroad, limited research has been conducted on the technology and theory of boom replacement in suspension bridges. Yu Zh et al. (Yu et al., 2019) simulated the boom replacement process using the temporary boom method in finite element software in 2019. Their study revealed a significant 38.9% reduction in the tensile force of the temporary boom in the three-point replacement method compared to the single-point replacement method. However, the temporary boom in the five-point replacement method exhibited a 9.9% lower tensile force than that in the three-point replacement method. With only the adjacent booms on both sides of the replacement boom greatly affected during the replacement. To address the long construction duration associated with boom replacement, Yuan et al. (2021) designed and developed a self-balancing tensioning and thrusting equipment specifically for boom replacement construction. The equipment was successfully applied in the boom construction of the Runyang Bridge, effectively minimizing the interference of displacement and internal forces caused by boom replacement. However, this equipment is only suitable for bridges with steel box beams and lifting lug anchor plates, and pin control should be reserved. Wang et al. (2015) in response to the defects observed on the booms of the Shantou Bay Bridge, conducted a replacement test on representative booms. And proposed a replacement construction scheme through discussions on the scheme and method of boom replacement. Huang and Zhang. (2021) compared the construction plans for replacing long and short booms and found that the method with a single lifting point for releasing the tensile force, followed by simultaneous graded tensioning and dismantling of the old boom is generally applicable for replacing short booms. The multi-point lifting scheme, although suitable for replacing long booms and minimizing impacts on bridge alignment, has disadvantages such as requiring numerous temporary booms, heavier construction workloads, and higher costs. Zeng et al. (2016) thought that the stress condition of short booms is more complex than that of long booms and provided insights into the stress transmission mode and damage mechanism of booms. As short booms can experience a combination of static and dynamic loads, separate calculation of their dynamic characteristics becomes necessary. Liu et al. (2023) used the method of matrix analysis and transforming multiple objectives into a single objective to determine the adjustment amount of boom length, adjust the boom force and actual deck elevation. Then achieve the comparison and selection of boom replacement schemes for a steel truss suspension bridge. Three-dimensional finite element analyses were employed by Süleyman et al. (2023) for both inclined and vertical boom configurations of the Bosporus Suspension Bridge. Fan et al. (2023) presented a robustness-based condition evaluation framework for the overall structure. The evaluation processes of three conditions are further presented in accordance with the suspension bridge, and the variation in the potential risk of accidents induced by cable failure is shown intuitively through the evaluation results.
The design service life of bridges is generally long, and in such a long service period, the performance of bridges will inevitably deteriorate due to the harsh environment, especially for long-span suspension bridge. In order to maintain the safe operation of the bridge, the research on boom replacement has also received more and more attention. It has become an important part of scientific maintenance, which is of great significance for scientific guidance of bridge maintenance. From the above analysis, it can be clearly seen that the cable system is an extremely important part of the suspension bridge, the boom configuration has a positive impact in terms of vertical displacement and internal forces obtained. Thus the safe operation of the bridge structure has very high requirements for the accuracy of the boom replacement process. The full bridge structure and components will all respond to changes with the tension of the temporary boom. Therefore, the study on the adaptability of boom replacement methods, the optimization in the process of boom replacement with various lengths, as well as the response analysis of the structure and components is crucial.
2 ADAPTABILITY ANALYSIS OF BOOM REPLACEMENT METHODS
This paper focuses on studying the adaptability of boom replacement methods and the response of the bridge structure, using a sea-crossing bridge as a case study. The bridge under investigation is a three-span earth-anchored double-deck suspension bridge located in the Yellow Sea area of China, spanning from the east to the west. The bridge was completed and opened to traffic in 2015. The computed span of the bridge is 180 m + 460 m+180 m = 820 m. The bridge features two main cables, each consisting of 7747 high-strength galvanized parallel steel wires with a diameter of 5.2 mm. Meanwhile, a total of 158 hanging points is distributed along the bridge, with two booms arranged at each hanging point. The ordinary flexible boom consists of 73 high-strength galvanized steel wires with a diameter of 7 mm, covered with a protective layer made of PE material. In addition, central buckle stay cables are installed at the mid-span. The bridge incorporates a portal tower that stands 112.31 m high. The column of the tower is designed as a “D"-shaped hollow reinforced concrete structure with a variable section, while the upper crossbeam is constructed using prestressed concrete. The main steel truss beam is 10 m high, and all structural members are constructed with closed box sections. Moreover, the double-deck system of the bridge consists of orthotropic plates, with a 55 mm layer of asphalt paving on the steel plates. The deck is designed as a one-way four-lane system, with the upper layer facilitating traffic from east to west and the lower layer accommodating traffic from west to east. The overall configuration of the bridge is illustrated in Figure 1. Unit number and spatial location of the booms are shown in Figures 2, 3. The short boom analyzed in the paper is No. 122, with a length of 3.13 m, the medium boom is No. 93, with a length of 35.40 m and the long boom is No. 102, with a length of 56.75 m.
[image: Figure 1]FIGURE 1 | The sea crossing suspension bridge.
[image: Figure 2]FIGURE 2 | Unit number and spatial location map of boom.
[image: Figure 3]FIGURE 3 | Model drawing of the suspension bridge.
The full bridge model was established using MIDAS Civil finite element software, incorporating appropriate simplifications and equivalences to ensure the feasibility and accuracy of the finite element analysis. Specifically, the main cable and booms were modeled as the equivalent section of 1860 steel wire in tension only. The bridge tower was modeled as a C50 concrete box hollow beam element with an equivalent section. The double-layer main beam was modeled as a non-closed box section, while the vertical and inclined web members were represented using beam elements. Correctly establishing the boundary conditions was crucial to ensure that the deformation and displacement of the bridge closely matched the actual situation. General supports were placed at both ends of the main beam to restrict vertical and transverse bridge displacement, while releasing longitudinal constraints to enable free movement and stress release. Besides, the stress state of the truss was accurately simulated by releasing beam end constraints for the vertical and inclined web members. The force transmission relationship between the main beam and the boom was established through rigid connections, consolidating the bottom of the tower and the two ends of the main cable. To ensure result accuracy, an independent model analysis method for nonlinear analysis was adopted during the operational analysis stage.
3 SINGLE-POINT BOOM REPLACEMENT METHOD
3.1 Replacement of short boom at mid-span
Currently, the temporary support method, temporary basket-hanging method, and temporary boom method are commonly employed for boom replacement, each with its own set of advantages and disadvantages. In this study, the temporary boom method was selected as it is widely utilized in practical applications. The fundamental principle of this method involves utilizing a temporary stress system to transfer the tensile force from the boom undergoing replacement, enabling the removal of the old boom and installation of the new one. Subsequently, the tensile force is once again transferred from the temporary stress system to the newly installed boom.
Besides, this study focused on the short boom located at the mid-span as the research object, analyzing the impact of boom replacement with the single-point method on the bridge. To accurately capture the response of each bridge component during the boom replacement process, it was necessary to ensure the temporary boom was evenly tensioned in stages. Therefore, the tension of the temporary boom was simulated by applying opposite node loads at both end nodes of the boom undergoing replacement using the MIDAS Civil finite element software (as shown in Figure 4).
[image: Figure 4]FIGURE 4 | Schematic diagram of single-point tensioning of mid-span and short booms.
The axial force of the temporary boom, tensioned in stages, is presented in Table 1. Upon completion of the tensioning process, the total axial force of the temporary boom exhibited a slight increase of 2.20% compared to the initial axial force of the replaced boom. The replacement of the short boom using the single-point method had a minimal impact on the vertical displacement of the main beam. Following the tensioning of the temporary boom, only the node of the main cable at the replaced boom experienced a downward displacement of −2.7 mm (as shown in Figure 5). Other nodes remained largely unaffected, and the cable maintained its alignment without significant changes. The vertical displacement of the main cable and beam at the mid-span experienced a sudden change due to the central buckle stay cables set.
TABLE 1 | Variation of the axial force in the uniform tension of the short boom at the mid-span (KN).
[image: Table 1][image: Figure 5]FIGURE 5 | (A) Vertical displacement of the main cable nodes when the short boom at the mid- span is uniformly tensioned by the single-point method (B). Vertical displacement of the main beam on the upper floor when the short boom at the mid-span is uniformly tensioned by the single-point method.
3.2 Replacement of medium boom at side span
Similarly, opposite node loads are applied for the replacement of medium-length booms. The staged tensioning of the temporary boom is shown in Table 2, indicating the corresponding axial forces. Since the upper node of the temporary boom is connected to the main cable, when the temporary boom is tensioned, the axial force applied to its upper node will also be transmitted to the main cable. According to the vertical displacement of the main cable node (Figure 6A), node 12 exhibited a significant downward displacement of −43.51 mm, while nodes 11 and 13 experienced smaller displacements of −5.97 mm and −7.45 mm, respectively. Other cable nodes showed minimal displacement. It can be concluded that the main cable nodes at the boom undergoing replacement and the adjacent boom will be significantly affected during the replacement of the medium boom using the single-point method. However, the impact on the main cable nodes at other locations is relatively minor. Meanwhile, as the upper node (node 12) of the replaced boom is connected to the main cable, its applied force combines the remaining axial force of the replaced boom and the tensioning axial force of the temporary boom, resulting in a downward movement of the main cable node. Secondly, at the end of the tensioning process, the axial force of the temporary boom slightly exceeded the initial axial force of the replaced boom. This increased force disrupted the initial equilibrium state of the main cable, leading to a significant downward displacement of the main cable node.
TABLE 2 | Axial force change when a boom with a side span of medium length is tensioned by the single-point method (KN).
[image: Table 2][image: Figure 6]FIGURE 6 | (A) Vertical displacement of the main cable at the side span. Figure 6 (B) The vertical displacement of the main beam on the upper floor when the mid-length boom of the side span is tensioned by the single-point method.
The vertical displacement of the upper main beam is shown in Figure 6B. The main beam displacement underwent an abrupt change at the position of the temporary boom, resulting in an upward displacement of 0.45 mm. At the same time, an upward displacement of 0.72 mm occurred at the mid-span, which is the maximum displacement at the main beam of the bridge. However, the main beam of the east side span remained unaffected. In addition, the geometric shape of the main beam in the main span underwent significant changes following tensioning, deviating from its finished bridge state. Due to the substantial rigidity of the main beam, the section at the temporary boom experienced an upward movement, thereby altering the internal force transmission mechanism to some extent. Moreover, the main beam in the main span also exhibited an upward displacement influenced by the integrity of the main beam.
3.3 Replacement of long boom at the main span
Similarly, the long boom underwent staged tensioning during the displacement. The applied tension and the remaining axial force throughout the tensioning process is shown in Table 3. The axial force of the replaced boom was uniformly reduced during the uniform tensioning process, which aligns with the observations made during the replacement of the short and medium booms. This consistency indicates that the axial force of the replaced boom exhibited a linear change pattern when the single-point method was employed for replacing short, medium, and long booms. Furthermore, at the end of the tensioning process for the long boom replacement, the total axial force of the temporary boom significantly exceeded the initial axial force of the replaced boom by 812.05 KN, about 58.38% of the initial axial force.
TABLE 3 | Variation of the axial force in the uniform tension of the long booms of the main span (KN).
[image: Table 3]In the case of replacing the long boom using the single-point method, the main cable node located at the position of the replaced boom experienced a significant downward displacement of −70 mm at the end of the temporary boom tensioning (Figure 7A). Meanwhile, the main cable node at the first adjacent boom underwent a downward displacement of −16.64 mm, while the second adjacent boom experienced a downward displacement of −3.96 mm. However, the main cable nodes that are farther away remained largely unaffected. These findings demonstrate that the vertical displacement and the extent of influence were relatively substantial, indicating that the single-point method is not suitable for replacing long booms.
[image: Figure 7]FIGURE 7 | (A) Vertical displacement of the main cable when the main span long boom is tensioned by the single-point method. (B). Vertical displacement of the main beam on the upper floor when the long boom of the main span is tensioned by the single-point method.
The vertical displacement of the upper main beam is shown in Figure 7B, showing an abrupt change in displacement at the location of the temporary boom, resulting in an upward displacement of 0.96 mm. Besides, it is observed that the main beam in the main span exhibited an upward movement compared to its finished bridge state. The main beam in the east side span remained unaffected, while the alignment of the main beam in the main span underwent significant changes after tensioning. In particular, a maximum displacement of 1.38 mm occurred at the mid-span. This discrepancy in displacement can possibly be attributed to the redistribution of internal forces and changes in the transmission mechanism of the main beam during the replacement, causing the displacement at the mid-span to be greater at the temporary boom.
3.4 Optimization indicator -force transmission efficiency of temporary boom
In the case of boom replacement using the temporary boom method, theoretically, the axial force of the temporary boom should be equal to the initial axial force of the replaced boom in its finished state. However, the results of numerical simulation analysis indicate that they are not equal. This finding aligns with the conclusions drawn by Yu Zhanglong (Yu et al., 2019) in a numerical simulation of a suspension bridge. It was suggested that this phenomenon is primarily influenced by the overall stiffness of the bridge and the boom replacement method employed. Specifically, a higher overall stiffness of the bridge results in a lower force transmission efficiency of the temporary boom during the boom replacement process.
To accurately study the influencing factors of force transmission efficiency, the computational formula of force transmission efficiency was proposed to quantitatively analyze the force transmission efficiency:
[image: image]
Where [image: image] is the force transmission efficiency, [image: image] is the axial force of the finished state, and [image: image] is the maximum axial force of temporary boom.
The force transmission efficiency can be influenced by various factors, including the length of the boom, the replacement method used, and the initial axial force of the boom. The relationship between force transmission efficiency and boom length was studied with the single-point method, and numerical simulation analysis was conducted specifically on main span booms using the reference stress free state method. This approach ensured a continuous variation in boom length. Refer to Figures 2, 8 for details. Besides, the study on force transmission efficiency involved the analysis of 23 booms ranging from the short boom in the mid-span to the long boom adjacent to the tower in the west. The corresponding data for analysis are shown in Table 4.
[image: Figure 8]FIGURE 8 | (A, B) Spatial location map of boom.
TABLE 4 | Force transmission efficiency of temporary booms.
[image: Table 4]As shown in the relationship between force transmission efficiency and length of the boom (Figure 9), the force transmission efficiency of the shortest boom reached 98.26%, while booms with lengths less than 10 m maintained a force transmission efficiency above 90%. In contrast, the force transmission efficiency of booms with lengths exceeding 50 m decreased to below 70%. This trend indicates that the reduction in force transmission efficiency increased with increasing boom length, underscoring the high applicability of the single-point method for replacing short booms. Based on these results, booms with lengths under 10 m in the sea crossing suspension bridge can be defined as short booms. At the same time, it was observed that the ratio of boom length with a force transmission efficiency over 90% to the rise of the main cable was smaller than the rise-span ratio of 0.1522. Therefore, booms with a ratio of boom length to rise of the main cable smaller than the rise-span ratio can also be defined as short booms.
[image: Figure 9]FIGURE 9 | Relationship between the force transmission efficiency of the temporary boom and the length of the boom.
To study the adaptability of different boom replacement methods, the force transmission efficiency of temporary boom is regarded as the main optimization. Meanwhile, the moves in the vertical displacement of the main cable, the vertical displacement of the main beam, and the tensioning workload during the boom replacement process are comprehensively considered to seek the optimal replacement method for booms of different lengths.
4 THREE-POINT BOOM REPLACEMENT METHOD
4.1 Replacement of short boom at mid-span
In the case of replacing the short booms in the mid-span with the three-point method, the axial force during uniform tensioning of the temporary booms is shown in Table 5. At the end of tensioning process, the total axial force of the No. 122 temporary boom was lower than its initial axial force, resulting in a force transmission efficiency of 103.69%. This efficiency is 5.84% higher than that achieved with the single-point method. There is a coupling effect when three temporary booms were tensioned simultaneously. As a result, the axial forces of the No. 121 and No. 123 temporary booms exceeded their initial values, and the excess axial force may be redistributed to the No. 122 temporary boom. Thus causing the total axial force of the No. 122 temporary boom to be less than its initial axial force. The reduction in the total axial force of the No. 122 temporary boom at the end of tensioning amounted to 110 KN. That indicates a minimal advantage in terms of reducing the axial force of the temporary boom compared to the single-point method. However, the three-point method necessitates significantly more workload and construction facilities.
TABLE 5 | Tensioning process during replacement of short booms at mid-span using the three-point method (KN).
[image: Table 5]In the case of replacing the short booms with the three-point method, the main cable node connecting the No. 122 boom experienced a downward displacement of −2.78 mm (Figure 10A). The maximum vertical displacements of the main cable nodes occurred at the No. 121 and No. 123 booms, both measuring −7 mm. Besides, the main beams in the main span underwent an upward displacement, resulting in a slight change in their geometric shape after tensioning (Figure 10B). The vertical displacements of the upper main beam nodes at the No. 121–123 booms were 0.42 mm, 0.35 mm, and 0.42 mm, respectively. These displacements indicate an increase in upward displacement compared to the one-point method of boom replacement. This indicates the replacement of short booms within the three-point method can introduce a certain level of disturbance to the main beams in the main span.
[image: Figure 10]FIGURE 10 | (A) Vertical displacement variation of the main cable node when the mid-span and short booms are tensioned by the three-point method. (B). Vertical displacement of the main beam on the upper floor when the mid-span and short booms are tensioned by the three-point method.
4.2 Replacement of medium boom at side span
In the case of replacing the medium booms (No. 92, 93 and 94 at side span) with the three-point method, the axial forces during the uniform tensioning of the temporary booms are shown in Table 6. At the end of tensioning, the total axial force on the No. 93 temporary boom amounted to 1480 KN. This value is 438 KN lower compared to the single-point method, resulting in a force transmission efficiency of 93.95%. This efficiency is 21.47% higher than that achieved with the single-point method. These findings indicate that the three-point method offers certain advantages in reducing the axial force and improving the force transmission efficiency of the temporary boom when compared to the single-point method.
TABLE 6 | Three-point tensioning of temporary booms with medium booms in side span (KN).
[image: Table 6]In the case of medium boom replacement with the three-point method, the main cable nodes at the three temporary booms experienced downward movements as shown in Figure 11A. Specifically, the main cable node at No. 93 exhibited the largest downward displacement of −43.7 mm, which is 0.02 mm less than that in the single-point method. The vertical displacement of the main cable nodes at No. 92 and No. 94 booms was −34.13 mm and −41.28 mm respectively. Generally, the affected range of the main cable nodes is expanded when compared to the single-point method. The vertical displacement of the upper main beam is shown in Figure 11B. An abrupt change in displacement occurred at the location of the replaced boom, resulting in an upward displacement of 0.53 mm. The main beams in the main span exhibited a complete upward movement, accompanied by significant variations in geometric shape. Moreover, a maximum upward displacement of 1.51 mm occurred at the main beam at the mid-span. In comparison, the single-point method yielded a displacement of 0.45 mm at the location of the abrupt change and a displacement of 0.72 mm at the main beam of the mid-span. These observations suggest that the three-point method has a greater impact on the vertical displacement and geometric shape of the main beam compared to the single-point method. Neither of the two replacement methods has affected the geometric shape of the main beam at the east side span.
[image: Figure 11]FIGURE 11 | (A) Vertical displacement variation of main cable nodes when side-span medium booms are tensioned by the three-point method. (B). Vertical displacement of the main beam on the upper floor.
The force transmission efficiency of the three-point method is shown in Table 7. It is observed that the force transmission efficiency of a single temporary boom gradually decreased as the boom length increased. The transmission efficiencies of booms with lengths of 12.56 m and 15.71 m exceeded 98%, while booms with lengths below 50 m maintained a force transmission efficiency of over 90%. Therefore, the three-point method demonstrates high applicability for booms ranging from 10 m to 50 m in length. Based on these findings, booms within the range of 10–50 m on the sea crossing suspension bridge can be defined as medium booms. Furthermore, the definition of a medium boom can also be determined by considering the ratio of boom length to the rise of the main span. A boom with a ratio of boom length to rise of the main span that falls between 1 and 4.5 times the rise-span ratio can be classified as a medium boom. As well as booms with lengths exceeding 50 m and a ratio of boom length to rise of the main span exceeding 4.5 times the rise-span ratio are designated as long booms.
TABLE 7 | Force transmission efficiency of the side-span boom using the three-point method.
[image: Table 7]4.3 Replacement of long boom in the main span
In the case of replacing the long booms in the main span (No. 101, 102 and 103 boom close to the west bridge tower) using the three-point method, the axial force during the uniform tensioning of the temporary booms is shown in Table 8. At the end of tensioning, the total axial force on the No. 102 temporary boom was 1535 KN, which is 668 KN lower than that in the single-point method. Furthermore, the transmission efficiency is 90.62%, 27.48% higher compared to the single-point method. These results indicate that the three-point method offers advantages in reducing the axial force and enhancing the force transmission efficiency of the temporary boom, in contrast to the single-point method.
TABLE 8 | Axial force change of temporary boom in replacement of long boom at main span using the three-point method (KN).
[image: Table 8]According to the vertical displacement of the main cable nodes (Figure 12A), the main cable nodes at No. 101–103 booms experienced significant downward displacement during the replacement of long booms using the three-point method. Specifically, the main cable node at No. 102 boom exhibited the largest displacement, reaching −70 mm, which is consistent with the displacement observed in the single-point method. Additionally, the vertical displacements of the main cable nodes at No. 101 and No. 103 booms were −63.64 mm and −56.36 mm, respectively. In addition, the main cable nodes on both sides of the temporary booms also exhibited downward movement to some extent. The displacement at the main cable node of the No. 100 boom was −15.14 mm, while that of the node at the No. 104 boom was −9.74 mm, both of which are greater than the displacements observed in the single-point method. Compared with the single-point method, the affected range of the main cable node increased, but the displacement has minimal impact on the main cable nodes located far from the temporary booms.
[image: Figure 12]FIGURE 12 | (A) Vertical displacement of the main cable. (B). Vertical displacement of the upper main beam.
The vertical displacement of the upper main beam nodes is shown in Figure 12B. It can be seen that the main beams in the main span underwent significant upward displacement and experienced notable changes in geometric shape after tensioning. The main beam at the mid-span exhibited the maximum upward displacement of 2.6 mm, which is 2.5 mm larger than that observed in the single-point method. Simultaneously, there was an abrupt change in vertical displacement at the position of the temporary booms. Specifically, the displacement of the main beam at the No. 102 boom was 1.26 mm, while that at the No. 101 and No. 103 booms were 1.25 mm and 1.05 mm, respectively. From these findings, it can be concluded that the three-point method has a greater effect on the displacement and geometric shape of the main beam compared to the single-point method. However, neither of the two replacement methods has an impact on the geometric shape of the main beams in the side span.
5 FIVE-POINT BOOM REPLACEMENT METHOD
5.1 Replacement of medium boom in side span
In the case of replacing the medium booms (No. 91–95 booms in side span) using the five-point method, the axial force during the uniform tensioning of the temporary booms is shown in Table 9. At the end of tensioning, the total axial force on the No. 93 temporary boom amounted to 1300 KN, which is 619 KN and 180 KN lower than that of the single-point method and the three-point method, respectively. Furthermore, the force transmission efficiency reached 106.96%, surpassing the three-point method by 10.01% and the single-point method by 34.48%. These results indicate that the interaction among multiple temporary booms in the five-point method significantly reduces the tension experienced by each individual temporary boom, thus reducing the requirements for the material properties and mechanical strength of the temporary booms.
TABLE 9 | Five-point method process of medium booms in side span (KN).
[image: Table 9]The vertical displacement of main cable nodes during the displacement of medium booms using the five-point method is shown in Figure 13A. It is found that the nodes at the temporary booms experienced significant downward movement. Specifically, the No.12 node exhibited the largest displacement of −43.44 mm, which is comparable to the displacements of −43.39 mm and −43.70 mm observed in the single-point method and the three-point method, respectively. It is evident that the three boom replacement methods yield similar effects on the vertical displacement of the main cable nodes at the replaced booms. Meanwhile, the first cable nodes immediately adjacent to both sides of the temporary booms also exhibited slight downward movement in the five-point method, signifying an expanded range of influence compared to the three-point method.
[image: Figure 13]FIGURE 13 | (A) Vertical displacement of main cable nodes at end of tensioning in replacement of medium boom in the side span with the five-point method. (B). Vertical displacement of the upper main beam.
The vertical displacement of the upper main beam is presented in Figure 13B. The main beam at the position of the temporary booms exhibited a sudden change in displacement. Specifically, the main beam at the No. 93 boom had a larger displacement of 0.60 mm. Concurrently, it is observed that the main beams in the main span collectively moved upward and underwent significant changes in geometric shape. Besides, the maximum displacement of main beams in the mid-span reached 2.16 mm. When compared to the single-point method, the displacement of the main beam at the No. 93 boom increased by 0.15 mm, and the displacement of the main beam in the mid-span increased by 1.46 mm. In contrast, when compared to the three-point method, the displacements at these two locations increased by 0.07 mm and 0.67 mm, respectively. These observations indicate that the five-point method has the most pronounced effect on the displacement and geometric shape of the main beams throughout the entire bridge when replacing medium booms in the side span. And none of the three replacement methods have any impact on the geometric shape of main beams at the east side span.
In summary, the five-point method demonstrates notable advantages in reducing the tension of temporary booms and significantly increasing the force transmission efficiency compared to the one-point method and the three-point method for replacing medium booms in the side span. However, it also introduces greater disturbance to the main cable and main beam, particularly to the main cable. Overall, the superiority of the five-point method in medium boom replacement is not clearly evident when compared to the three-point method.
5.2 Replacement of long boom at main span
The axial force during the uniform tensioning of the temporary booms in replacement of the long booms in the main span (No. 100–104 booms) using the five-point method is shown in Table 10. At the end of tensioning, the total axial force of No. 102 temporary boom was 1450 KN, and the force transmission efficiency was 95.93%, which is 32.79% higher than that in the single-point method and 5.32% higher than that in the three-point method. According to the vertical displacement of the main cable nodes shown in Figure 14A, the temporary booms in the five-point method replacement of long booms result in a significant downward displacement of the main cable nodes. Specifically, the main cable node at the No. 101 boom exhibited the largest vertical displacement of −70.85 mm, followed by the main cable node at the No. 102 boom with a displacement of −69.38 mm. Comparing the data with the single-point method and the three-point method, it is observed that the maximum displacement of the main cable nodes caused by the five-point method is the same as that of the single-point method and the three-point method. However, the notable difference lies in the location of the maximum displacement, which occurs at the main cable node of the No. 102 boom for both the single-point and three-point methods. In addition, the three replacement methods exhibited varying degrees of influence on the main cable nodes. Specifically, the single-point method had the smallest affected area, resulting in significant downward movement at only three main cable nodes. In contrast, the three-point method affected up to five main cable nodes with substantial downward displacement, with the three largest displacements occurring at the locations of the temporary booms. Similarly, the five-point method caused significant downward displacement in up to six main cable nodes, with the five largest displacements occurring at the positions of the temporary booms.
TABLE 10 | Tensioning process in replacement of long boom in the main span by the five-point method (KN).
[image: Table 10][image: Figure 14]FIGURE 14 | (A) Vertical displacement change of main cable node at end of tensioning in replacement of long boom in the main span by the five-point method. (B). Displacement change of the upper main beam.
The vertical displacement of the upper main beam is shown in Figure 14B. The five-point replacement method significantly altered the geometric shape of the main beams in the main span, resulting in a maximum displacement of 3.75 mm in the mid-span. This displacement exceeds that of the single-point method by 2.37 mm and the three-point method by 1.15 mm. It can be concluded that the five-point method has a notable influence on the vertical displacement and geometric shape of the main beams in the main span. However, none of the three boom replacement methods significantly impacted the beam at the east side span.
In general, the main advantage of the five-point method in replacing the long boom is the reduction in temporary boom tension by 753 KN compared to the single-point method and 85 KN compared to the three-point method. However, this advantage is not significantly greater than that of the three-point method. Therefore, when selecting the most suitable boom replacement method for actual bridge construction, a comprehensive evaluation is necessary.
As shown in Table 11, the changes in the axial force and force transmission efficiency of a single temporary boom with different replacement methods, it can be found that when replacing a short boom, the single-point method can achieve a force transmission efficiency of more than 90%. When replacing a medium-length boom, the maximum force transmission efficiency of a single temporary boom with the three-point method can also be maintained at more than 90%. When the five-point method replaces the long boom, the maximum force transmission efficiency of a single temporary boom can be greatly improved.
TABLE 11 | Axial force and force transmission efficiency of a single temporary boom with different replacement methods.
[image: Table 11]6 APPLICATION
In the paper, the adaptability of the nominal boom length and the boom replacement method is discussed according to numerical simulation analysis of the structural response during the boom replacement process. And the optimal replacement method of booms with different nominal lengths is determined. It can be seen that the single-point method is the optimal choice for replacing short booms, as it achieves a force transmission efficiency above 90% while reducing the axial force of the temporary boom and fully utilizing its function. Considering the bridge’s overall effect and construction complexity, the three-point method is most suitable for replacing medium booms, while the five-point method is more appropriate for long booms. These have practical guiding significance for the selection of suspender replacement method in the operation and maintenance of a sea crossing suspension bridge. The conclusions are also applicable to other suspension bridge. The nominal boom length of suspension bridge can be determined according to the method in this paper, then the optimal boom replacement method can be selected according to the nominal boom length. Which can simplify the theoretical analysis process of boom replacement, optimize the number of construction platform and equipment scale. At the same time, in the actual process of replacing booms, monitoring and controlling relevant parameters can ensure the quality of replacement, improve the efficiency of replacement.
7 CONCLUSION
The response of the bridge structure during boom replacement was analyzed using the single-point, three-point, and five-point methods. The process of boom replacement was simulated using the temporary boom method. Meanwhile, the performance of the three boom replacement methods in replacing short, medium, and long booms was extensively analyzed using a significant amount of data. The definition of the nominal boom length of suspension bridge is based on the correlation between the transmission efficiency of the temporary boom, the actual boom length and the main cable sag in the paper. Specifically, the nominal boom length and boom replacement method were quantitatively assessed based on the axial tensile force of temporary booms, the vertical displacement of the main beams and cables, and the change in the remaining axial force of booms. And the optimal replacement method for booms with different nominal lengths was determined. Simultaneously discovered, the force transmission efficiency of the temporary boom decreases as the boom length increases, with a larger rate of decrease observed for longer booms.
The above analysis can be widely applied to the operation, maintenance and management of the same type of suspension bridge. Conclusion in the paper can ensure the safety and reliability of bridge structures during operation, reduce maintenance costs in the later stages of operation, and enhance the safety protection ability of operating bridges, which has significant reference value.
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With the continuous expansion of the city scale, while rapidly advancing foundation pit construction, it has become a top priority to prevent the potential safety hazards caused by efforts to catch up with deadlines. In this case, deep foundation pit monitoring can provide important technical support for the foundation pit design and construction safety. However, conventional foundation pit monitoring for point monitoring of structural characteristics cannot accurately locate local strains and related cracks, and cannot provide real-time monitoring of support structures, ordinary soil constitutive models cannot consider the strain hardening characteristics of soft soil. This paper aimed to analyze the characteristics of excavation deformation of a deep foundation pit with internal support in the Dalian Donggang Business District by combining the methods of optical fiber monitoring and finite element simulation. In this study, distributed optical fiber monitoring and routine monitoring were adopted to carry out the synchronous excavation monitoring of foundation pit support structures. The main monitoring objects were the deep horizontal displacement of the support piles and the surface settlement of the foundation pit. Moreover, the authors used the Plaxis finite element software based on the Hardening Soil-small (HSS) model to conduct the numerical simulation analysis, and the results were compared with two groups of the measured data of the deep foundation pit obtained from the aforementioned research. Additionally, in light of the SSA-BP neural network, the back-analysis method of HSS model parameters in the Dalian area is proposed. The findings show that, under the premise of selecting reasonable parameters, the results of finite element analysis of the HSS model, considering the small strain characteristics of the soil, demonstrate a high degree of fit with the actual deformation law of foundation pits, which proves the rationality of the model. Furthermore, it was verified that the distributed optical fiber monitoring has conspicuous advantages in terms of data continuity and accuracy in contrast to routine monitoring. The research results of this paper can provide reference for deformation monitoring and early warning regarding the support structures of deep foundation pits.
Keywords: optical fiber monitoring, HSS model, parameter back-analysis, deformation prediction analysis, SSA-BP neural network
1 INTRODUCTION
Deformation of foundation pits is the result of the interaction between the support structures and soil (Zheng et al., 2016). Considering the property of soil being of great complexity and diversity, it is a necessity to select reasonable soil constitutive model and parameters, which ensures the entire process of excavation of foundation pits is effectively simulated, so as to provide important technical support for the design of foundation pits as well as for construction safety (Zhao et al., 2016). The Hardening Soil model is an advanced constitutive model of soil, which takes the strain hardening characteristics of soft soil into account and regards the stress history and stress path as a significant basis for calculating soil stiffness. Furthermore, its deformation calculation results consider the combined action of foundation pit support structures and the surrounding soil (Zong and Xu, 2019). The variation pattern of soil stiffness can be classified into three kinds: very small strain (< 0.001%), small strain (0.001%–1%), and large strain (>1%) (Atkinson and Sallfors, 1991). Schweiger et al. (2009) studied a large amount of engineering monitoring data and found that, during the excavation process of foundation pits, most soil within the excavation range is in a state of small strain. As has been shown by numerous experiments, the deformation characteristics of soil mass under the small strain condition are fairly complicated and highly non-linear (Chen et al., 2021; Gu et al., 2021; Li et al., 2021; Zhang et al., 2022).
For the reasons given above, the Hardening Soil-small (HSS) model, taking the features of small strain of soil into consideration, was adopted to research the deformation trend of soil and support structures in foundation pit engineering, which improves the accuracy and rationality of the numerical analysis (Benz, 2007). Kim and Finno (2019) obtained the HSS model parameters of their research region through back-analysis of soil test results, and, by resorting to the sensitivity analysis of the model parameters at different stages of excavation, the parameters of the HSS model were optimized. Afterward, the researchers applied them to the numerical simulation of foundation pit deformation and then compared the derived data with the field measured values. The comparative results demonstrated that the HSS model can effectively predict the deformation of both side walls and the surface settlement of foundation pits. Wang et al. (2013) referred to plenty of experimental results and related studies, modified parameters [image: image], [image: image], [image: image], [image: image], and [image: image] via sensitivity analysis, calculated [image: image] through the back-analysis method, and finally concluded a set of preliminarily complete determining HSS model parameters on the basis of typical HS model parameters in Shanghai (Wang et al., 2012). Mu et al. (2012) acquired the HSS model parameters of the soil around a foundation pit via the back-analysis based on the coupling of MATLAB and Macro, and completed a numerical simulation of the construction process. They then compared and analyzed the change rule of the simulated value and the measured value. The comparative results indicated that the HSS model, considering the characteristics of small strain soil, can accurately adapt to the soil stiffness, which would effectively reduce the finite element calculation error of the next excavation. The rationality of the back-analysis method has been verified as well in the studies. Liang et al., 2017 obtained the main parameter values and their proportional relationships of the HSS model of typical clay layers in Shanghai through laboratory soil tests, and compared the calculated values and measured values of the deformation of the support structures based on foundation pit engineering examples. The study showed that the HSS model and the parameters gained from the test method are applicable to the simulation of foundation pit excavations in soft soil areas of Shanghai. Wu et al. (2021), on the basis of deep foundation pit engineering of typical soft soil in Shanghai, utilized Plaxis to establish a three-dimensional model according to the HSS model and corresponding parameters, carried out finite element analysis on the whole process of excavation, and studied the deformation of deep foundation pit excavations in the typical soft soil of Shanghai. This study delivered a technical reference for the design and construction of narrow-long deep foundation pits Shi et al. (2016) studied the stiffness parameters [image: image], [image: image], and [image: image] in the HSS model of typical soil layers in the Xiamen area, and the model’s sensitivity to the numerical simulation results of underground engineering. They sorted and compared the deformation sensitivity of each parameter at each stage of foundation pit excavation by using the single control soil layer parameters and orthogonal test method. This provides a reference point for the precise control of foundation pit deformation in the process of engineering investigations.
In summary, in contrast with the HS model, the HSS model takes into account the small strain characteristics of soil better, hence it is widely used in engineering issues such as foundation pit excavation. The HSS model, however, requires more parameters which are relatively difficult to obtain to characterize soil properties. Therefore, experimental methods or back-analysis is commonly adopted to achieve the parameters. On the other hand, the properties of soils in different regions may be various, so the correction and calibration of parameters in specific applications should align with the realistic situation of the region.
Foundation pit engineering monitoring refers to a procedure during foundation pit excavation, including monitoring the deformation of the foundation pit support structures and their surroundings using equipment and instruments, analyzing monitoring data to report results, and lastly comparing the results with alarm values to judge the excavation’s safety (Xi and Wei, 2020). Although some normal monitoring methods can be used for fixed-point monitoring of structural characteristics, they cannot precisely locate the local strain and relevant cracking, perform real-time monitoring on support structures, and realize the continuous measurement of strain, bending moment, and uneven settlement (Fu and Peng, 2018). In addition, point measurement frequency is not conducive to the timely discovery of dangerous situations to ensure the safety of the project and is subject to other disadvantages like adjacent buildings being possibly affected. This poses a huge challenge in preventing construction hazards. Wang N. et al., 2020 conducted a synchronous monitoring experiment between the traditional reinforcement meter and the distributed optical fiber, and concluded through comparative analysis that distributed optical fiber has advantages in concrete support axial force and deformation monitoring. Qiu and Sun (2020) designed a monitoring plan for the support pile of deep foundation pits in the light of distributed optical fiber sensing technology and successfully measured its continuous distributed deformation information. Based on that, monitoring and analysis of the deformation process of the support structures during foundation pit construction were completed. Zhu et al. (2022) designed two types of deployment methods for fiber optic sensors, single U-shaped and multi-U-shaped. Combined with the actual engineering, they employed these two methods to acquire the monitoring data on the displacement of drilled cast-in-place piles, and compared them with the results obtained by inclined tube monitoring methods. The results revealed that both types of distributed optical fiber layout methods are effective in monitoring pile deformation and are better than that of the inclinometer tube method. When it comes to the limitations, the measurement object is the single pile, without taking the interlocking pile as the support structure into account. Thus, the influence of complex deformation caused by the interaction between piles on monitoring has not yet been researched.
In recent years, with the rapid development of computer technology, the concept and algorithms of machine learning are being constantly upgraded and evolved. Many scholars use the BP neural network regression algorithm to carry out prediction research on measured data sets. Luo et al., 2020 compared the effect of the GA-BP neural network, support vector regression model (SVR), and random forest model (RF) on the prediction of foundation pit deformation by inputting datasets with the same features. The results demonstrated that the mean square error of the GA-BP neural network is smaller, which indicates that it has strong forecasting ability. Wang et al., 2021 established a simple and valid BP neural network model for analysis and concluded that the number of the hidden layer nodes had a high sensitivity to the influence of the prediction results. Meng et al., 2022 proposed an implementation process of multi-step rolling forecasting of the deformation of deep foundation pits based on the BP neural network, which achieved the expected effect and supplied feasibility for monitoring equipment to realize automatic predictions.
On the basis of the aforementioned studies, this paper, concentrating on a deep foundation pit project in the Dalian Donggang Business District, executed the real-time monitoring of the whole process of excavation deformation of the deep foundation pit through the methods of routine monitoring and distributed optical fiber monitoring. In addition, the sparrow search algorithm combined with the BP neural network algorithm were used to invert the HSS model parameters. The finite element numerical analysis model of the foundation pit was established using geotechnical Plaxis finite element software to simulate the whole construction process of the foundation pit. Finally, the authors compared and analyzed the measured data with simulation results. This paper aims to provide reference for data monitoring and deformation analysis during deep foundation pit excavation.
2 DEFORMATION MONITORING PRINCIPLE OF OPTICAL FIBERS DISTRIBUTED IN PILES
In the 1980 s, (Rogers, 1980) proposed the optical time-domain reflectometry technology, which has rapidly developed into a new backbone of monitoring in the field of structural health monitoring. In testing the technique, the light signal is scattered and reflected when injected into different media. Thus, the received optical signal is input in the form of an optical pulse from the fiber optic jumper head. The intensity of the reflected light signal is measured as a function of time; it therefore can be converted into the length of the optical fiber. Moreover, the optical demodulator demodulates the physical parameters of the object such as strain, temperature, acceleration, and pressure. Distributed optical fiber sensing technology usually adopts conventional single-mode optical fibers as the transmission medium, which is simple and convenient. Its sensing signal is mainly transmitted through light, with optical fiber as the medium to check and detect external measured signals. It is a new type of optical fiber sensing technology, optical fiber enjoying the advantages that the traditional monitoring method is beyond comparison, including easier bending, a lighter weight, smaller size, and more anti-interference (Gao et al., 2017). Accordingly, optical fiber has become a hot trend in the field of monitoring research since the time of its emergence.
2.1 Calculation of pile body stress
When the optical fiber is buried in the pile, the axial deformation of the optical fiber and the axial deformation of the pile are both [image: image]. The axial strain [image: image] of the optical fiber is measured by the testing instrument, then the pile body stress [image: image] is:
[image: image]
Among them, [image: image] is the elastic modulus of the cast-in-place pile and [image: image] is the pile depth.
2.2 Calculation of pile body axial force
According to the pile body stress [image: image], the pile body axial force [image: image] is:
[image: image]
2.3 Calculation of pile body deflection
When the pile body is bent, the distributed strain of the pile body under different load deformations can be obtained by testing the strain value of the distributed sensing optical cable buried inside the pile body.
Assuming [image: image] and [image: image] respectively are the strain values measured by the optical fibers inside and outside the pile at a depth of z along the direction of its body, then the axial compressive strain [image: image] and bending strain [image: image] are
[image: image]
[image: image]
As shown in Figure 1, under the action of horizontal load [image: image], the pile top [image: image] rotates and deforms to [image: image] around the point [image: image]. Assuming that the length of the longitudinal arc line segment [image: image] on the neutral axis of the pile is [image: image], the corresponding curve’s bending deformation angle is [image: image], and the curvature radius is [image: image], then the bending strain at the distance of [image: image] from the neutral axis is:
[image: image]
[image: image]
[image: Figure 1]FIGURE 1 | Deformation diagram of pile body under horizontal load.
Substituting Eq. 5 into Eq. 6 yields the following relationship:
[image: image]
When the pile is bent, the relationship between the curvature radius and the bending moment is:
[image: image]
In Eq. 8: [image: image] is the bending stiffness, [image: image]; [image: image] is the elastic modulus; and [image: image] is the moment of inertia of the pile section.
[image: image]
The curvature of the plane curve can be calculated by mathematical theory:
[image: image]
Substituting Eq. 10 into Eq. 8 yields:
[image: image]
According to the sign convention between the bending moment and deflection, take the negative sign on the left side of Eq. 9, that is:
[image: image]
Substituting Eq. 9, 10 into Eq. 12, an approximate solution for the torsional crankshaft is obtained. Although there is an action subjected to horizontal loads, the deformation of the pile bottom is minor enough to be negligible. Given the above reasons, it is assumed that the bottom end of the pile is completely fixed, the deflection is integrated to obtain the general solution equation of deflection:
[image: image]
In Eqs. 13, H is the burial depth of the pile; C, D is the constant of integration The discrete data can be obtained by solving:
[image: image]
In Eq. 14, n is the number of measuring points from the pile bottom to the depth of z; R is the pile radius; and ∆Z is the testing distance interval of the fiber optic monitoring instruments.In Figure 1: [image: image] is the horizontal load; [image: image] is the curvature radius.
3 INTRODUCTION TO HSS MODEL
A large amount of engineering experiences indicate that it is quite difficult to accurately analyze and predict geotechnical engineering deformation. One possible important reason is the lack of reasonable understanding and application of soil deformation characteristics, especially the small strain. At present, the Hardening Soil-small (HSS) model has been widely used for deformation analysis in practical engineering due to its ability to properly consider the non-linear and stress-related characteristics of the modulus of the elastic (small strain) phase of soil. This model further optimizes the assumed conditions of the Hardening Soil (HS) model. It is an advanced soil model developed based on the fruits of soil consolidation tests and triaxial tests. The HS model simulates the shear hardening and volume hardening of soil when unloading during the plastic stage of the soil. These two hardening situations explain the stress state of internal deformation and failure of soil, which generally occur simultaneously. The results of their hardenings should be determined by the stress path and the characteristics of the soil; therefore, they can simulate various types of soil in a comparatively realistically way. The relationship between the axial strain and deviatoric stress of consolidated soil is shown in Figure 2.
[image: Figure 2]FIGURE 2 | Relationship between axial strain and deviatoric stress of consolidated soil.
In Figure 2: [image: image] is the asymptotic value of hyperbola; [image: image] is the stiffness modulus related to the confining pressure of soil; [image: image] is the modulus adopted by the stress path of unloading and reloading; and [image: image] is the stiffness of soil under very small strain. [image: image], [image: image], and [image: image] can be obtained from the following equation.
[image: image]
[image: image]
[image: image]
[image: image]
In the formula: [image: image] is the reference stiffness modulus; [image: image] is the modulus of unloading and reloading; [image: image] is the ultimate shear stress; [image: image] is the damage ratio; [image: image] is the reference confining pressure; [image: image] is the effective cohesion; [image: image] is the effective internal friction angle; [image: image] is the dependence index of stiffness level; and [image: image] is the effective small principal stress.
Based on the HS model, the HSS model takes the small strain properties of the soil into account by adding two parameters, making the simulation closer to the real situation. In dynamic triaxial tests, the small strain characteristics of soil is discovered, and the HSS model considers the increasing trend of soil stiffness under small strain conditions. Therefore, its soil excavation simulation under unloading has better adaptability compared to other constitutive models.
The empirical formula of small strain stiffness G0ref is:
As Hardin et al. [28] deduced through extensive experiments, the empirical formula of small strain stiffness G0ref is:
[image: image]
In Equation 18: [image: image] is the initial void ratio of the soil; [image: image] is the reference shear modulus for small strains; and [image: image] is the over consolidation ratio.
According to the research of Brinkgreve and Broere. (2006), [image: image] can be expressed as:
[image: image]
For Equation 19, there exists:
[image: image]
In Equations 19, 20: [image: image] is the effective major principal stress; [image: image] is the initial shear modulus under static load; [image: image] is the reference initial shear modulus for small strains; and [image: image] is the normally consolidated lateral pressure coefficient at rest.
4 SPARROW SEARCH ALGORITHM BP (SSA-BP) NEURAL NETWORK MODEL
4.1 Sparrow search algorithm principle
The Sparrow Search Algorithm (SSA) is a swarm intelligence algorithm based on the sparrow population proposed for the first time in 2020 (Xue and Shen, 2020). Its main inspiration comes from the behavior of sparrow populations in foraging and anti-predation. By optimizing the exploration and development of search space to a certain extent, SSA has a great improvement over other common intelligent optimization algorithms in search accuracy, convergence efficiency, stability, and the obviation of local optimal solution, which makes it a novel method of global search optimization.
The sparrow search algorithm consists of three different roles: producers, scroungers, and early warnings Among them, individuals with a high level of adaptability in a population are called producers, typically accounting for 10%–20% of the entire population. The rest of the individuals are scroungers, relying on the producers who find a source of food to obtain nutrition. Meanwhile, scroungers may engage in competition with producers. Any sparrow can turn into a producer by searching for better food sources. However, the total proportion of producers and scroungers in the group remains steady.
Furthermore, a certain proportion of early warmings would randomly generate in the sparrow population, usually within the range of 10%–20%. The scouters’ pivotal role is to detect potential threats such as predators, and to send alarm signals upon detection. If the alarm signal exceeds a certain safety threshold, the producers are responsible for leading all scroungers to a safe area. The position of the sparrow population is simulated by using the following matrix:
[image: image]
In the formula, m is the number of sparrows and N is the dimension of the variables to be optimized.
Corresponding fitness of the sparrow population:
[image: image]
[image: image]
In the formula, [image: image] is the position of the mth sparrow and [image: image] is the fitness value of the mth sparrow.
The updated description of the producers’ location is as follows:
[image: image]
In the formula: [image: image] is the current number of iterations; [image: image] is the maximum number of iterations; [image: image] is the random number subjected to standard normal distribution; [image: image] is the 1 × N matrix with internal elements all being 1; [image: image] ([image: image]) is the warning value of the system; and [image: image] ([image: image]) is the safety value of the system.
When [image: image], it indicates that the environment is safe, that is, there are no predators around the sparrow population. In this setting, the producers are in a widespread search state. When [image: image], it suggests that a certain number of scouters have detected dangerous predators and sent alarm signals. At this point, the sparrow population, led by the producers, quickly makes an anti-predation response and move to another safety zone.
The updated description of the scroungers’ location is as follows:
[image: image]
In the formula, [image: image] is the optimal position occupied by the current producers; [image: image] is the current global worst position; and [image: image] is the 1 × n matrix, with randomly distributed elements of one or -1 which satisfies [image: image].
The updated description of the early warmings’ location is as follows:
[image: image]
In the equation: [image: image] is the current location that coincides with the center of gravity of the species group, which refers to the current global optimal position; [image: image] is the step size control parameters, obeying the normal distribution with a mean value of 0 and variance of 1; [image: image] is a uniformly distributed random variable on the interval [-1,1]; [image: image] and [image: image] are, respectively, the current fitness values under the global optimal and worst conditions; [image: image] is the fitness value corresponding to the ith sparrow in the current iteration; and [image: image] is the arbitrarily small number, which satisfies the condition of meaningful fractions.
When [image: image], it means that the sparrows are at the edge of the group and easier to recognize the danger; therefore, they need to be ready to change the position at any time to achieve a higher fitness. When [image: image] , it denotes that the center of the population have also perceived the danger, which requires a quick approach from other individuals to avoid predators.
4.2 SSA-BP model
The performance of the BP neural network depends on the setting of its weights and thresholds; for this reason, optimizing these parameters is necessary to improve the performance. In the traditional optimization methods, problems such as non-convexity, high dimensionality, and multimodality often need to be tackled with, and the computational complexity is very high and prone to falling into local optimal solutions. As a new type of heuristic optimization algorithm, the sparrow search algorithm can avoid these problems. It can search for the optimal solution by imitating the sparrow’s foraging behavior and the global optimal solution in a short time with high efficiency and accuracy.
In accordance with the improved algorithms above, employing the sparrow search algorithm to optimize the weights and thresholds of the BP neural network can enhance its accuracy and generalization ability, so as to better adapt to practical application scenarios. Additionally, this method has a good optimization effect in preventing some of the problems of traditional optimization methods, such as local optimal solutions and high computational complexity. Therefore, the sparrow search algorithm is an optimization method suitable for the BP neural network. The prediction flow chart of the improved SSA-BP model is shown in the following Figure 3:
[image: Figure 3]FIGURE 3 | Prediction flow chart of SSA-BP model.
5 INTRODUCTION TO DEEP FOUNDATION PIT ENGINEERING
5.1 Introduction of the engineering
The deep foundation pit engineering in Dalian Donggang Business District, with a length of about 100 m and a width of about 50 m, is equipped with a three story basement. The depth of the foundation pit is 14.0–15.7 m, its excavating area being about 5,150 m2. The plan of using a secant pile with two reinforced concrete internal supports has been adopted as the foundation pit support structure. The design of the brace layout is that the north side adopts the ring brace while the south side takes the corner brace. In addition, the support pile put to use is a 1.2 m diameter secant pile. The cross-section of the foundation pit support system is illustrated in Figure 4.
[image: Figure 4]FIGURE 4 | Layout plan and measurement points of the foundation pit.
The strata on the site of this project are in sequence from top to bottom: plain fill, mucky silty clay, silty clay, completely weathered slate, intensely weathered slate, moderately weathered slate, and slightly weathered slate. In terms of the engineering example of the adjacent parallel field, the water level elevation of groundwater in the surrounding area of the site reaches 1.80 m. Its main aquifer is earth fill, which is a strong permeable stratum.
5.2 Layout of conventional deep foundation pit monitoring
In order to ensure the stability and safety of the foundation pit engineering, impactful monitoring must be carried out throughout the construction. To analyze the results of monitoring, it is necessary to conduct global monitoring, comprehensively analyzing multiple associated measurement points and monitoring projects. By doing so, it is beneficial to reduce construction risks by determining whether the support design is in need of modification, and whether there is room for improvement in the construction technology and methods. It is also conducive to monitor the deformation and safety of the surrounding construction areas. Figure 4 shows the layout plan and measurement points of the foundation pit.
The stratigraphic distribution and characteristics of the site of this project are as follows, and the typical engineering geological sectional drawing is shown in Figure 5.
[image: Figure 5]FIGURE 5 | Typical engineering geological sectional drawing of the foundation pit.
Plain fill: in a slightly dense state, mainly composed of cohesive soil, slate, and quartzite gravels. The particle grading is ordinary, with an average Cone dynamic penetration test (DPT) of 6.2.
Mucky silty clay: in a soft plastic state, with a high content of organic matter.
Silty clay: in a plastic state, locally containing quartz fine sand, with an average standard penetration test (SPT) of 9.8.
Completely weathered slate: extremely soft rock and terribly fractured.
Intensely weathered slate: with developed joints and fissures, soft rock, and fractured. The basic quality level of the rock mass is Grade V.
Moderately weathered slate: the rock core is in a block and short column shape, with developed joints and fissures. The rock mass is of a layered structure and relatively complete. Its basic quality grade is Grade IV.
Slightly weathered slate: relatively hard rock; the basic quality level of the rock mass is Grade III.
Figure 6 manifests the sectional drawing of the foundation pit support system, which is located in the upper left side of the layout plan. According to the requirements of relevant specifications, combined with the support design of the foundation pit engineering as well as the actual construction situation onsite, the monitoring objects of the project were determined to include the foundation pit support structure and surface settlement outside the pit, etc. The content and items of routine monitoring are as follows:
(1) Horizontal deformation of the support pile (CX1-CX7).
(2) Ground surface settlement monitoring (DB1-DB17).
[image: Figure 6]FIGURE 6 | Sectional drawing of the foundation it support system.
In line with the specifications and design requirements, the horizontal displacement was monitored by using an inclinometer. According to the design documents for the foundation pit support of this project, it was planned to set up seven deep horizontal displacement points. They were respectively arranged at the corners of the support structure and in the middle of the long side, with a horizontal spacing of no more than 50 m between two monitoring points. The point numbers above are: CX1∼CX7.
The monitoring points of the ground surface settlement around the foundation pit were set on the sidewalks and green belts surrounding the pit. Of them, there were two additional points added to the original green space on the north side. The point numbers above are: DB1∼DB17.
5.3 Layout of distributed optical fiber monitoring
In view of the harsh construction environment such as soil filling and grouting, the research team applied tightly sleeved optical fiber technology in this monitoring study. It has the favorable form of encapsulation protection and fine effect of strain transmission; hence, it can adapt to the harsh working environment of the underground diaphragm wall. The technology breaks through the traditional concept of point sensing to measure strain, temperature, and damage information at any point on the optical fiber, execute continuous distributed monitoring of the measured objects, and study the overall strain behavior of the measured objects, in order to achieve the purpose of guiding the site construction and later structural health diagnosis.
This project used the distributed optical fiber method to monitor the southwest section of the foundation pit. The support pile adopted is a 1.2 m diameter secant pile, and the length of the pile in this section is 32 m according to the design drawing of the foundation pit support. The experimental system is shown in Figure 7. Depending on different types of pile, considering the survival rate of sensing fibers, operability of construction, and installation, as well as monitoring accuracy, it is required to handle crucial technical aspects including the layout plan and temperature compensation. There were at least four sensing optical cables that needed to be set inside the cast-in-place pile, and the optical fibers were laid on the main reinforcement of the steel cage by using rebar as the carrier. Additionally, the optical fibers needed to be laid along the inner side of the rebars to prevent the direct impact of concrete on the optical fibers during concrete pouring. In order to systematically grasp the real situation of the pile, a dual U-shaped method was adopted to ensure the survival rate of the optical fiber and the reliability of the data.
[image: Figure 7]FIGURE 7 | Schematic diagram of field test of deep foundation pit support structure.
After rebar workers on the construction site finished the steel cage, the main reinforcement position where the optical fiber was to be pasted needed to be ground and then wiped clean with alcohol wipes. Next, tightly sleeved optical fibers at the corresponding positions of rebars were laid before 502 glue was evenly applied. When pasting distributed optical fibers, attention needed to be paid to straightening the fibers and sticking them without relaxation. The bend needed to be protected by a metal hose—this part of the dataset was not studied. After that, the steel pipe was used to connect the optical fiber at the pile head, and coil the fibers to prevent damage caused by the hoisting of the steel cage.
Metal-based cord-like optical fibers have good encapsulation technology, and the strain transmission effect is within a controllable range. Therefore, they were arranged along the main reinforcement of the steel cage symmetrically and placed on the inner side of the steel cage, where it was difficult to touch the surrounding rock and soil as well as the grouting equipment. A dedicated locking device and epoxy were used to tighten when fixing the optical fiber at fixed intervals, which prevented them from slipping. The sensing optical cable was pre-tensioned to keep itself straight, and was fixed using the binding method. Large intervals could be taken when binding the temperature compensated optical fibers. The onsite operation of the optical fiber monitoring scheme is demonstrated in Figure 8.
[image: Figure 8]FIGURE 8 | Photos of the onsite operation of the optical fiber monitoring scheme. (A) optical fiber. (B) steel cage.
The temperature sensing compensation optical fibers are tightly sleeved optical fibers and was installed parallel to the measurement object. Furthermore, the indirect compensation method was used to install a temperature compensation optical cable which is not affected by the structural strain beside the sensing optical cable. The real strain of the measurement object was obtained by subtracting the measured value of the temperature compensation optical cable from the monitoring result of the deformation monitoring optical cable.
5.4 Monitoring instruments
The optical fiber data acquisition device utilized in this research is the Neubrex NBX-8100 from Japan. Table 1 shows the parameters of the NBX-8100, which uses PSP-BOTDR technology. This equipment went into production in 2018, and it is the most advanced product in the field of distributed optical fiber in the international industry. It has the smallest spatial resolution and the most stable performance, and all of its indicators fulfill the requirements of this experiment. The exterior of the instrument is shown in Figure 9.
TABLE 1 | Optical nanometer parameter settings.
[image: Table 1][image: Figure 9]FIGURE 9 | NBX-8100 optical nanometer.
The sensing optical cable adopts the metal-based cord-like strain sensing optical cables (model: NZS-DSS-C02) produced by Suzhou Nanzhi Sensing Technology Co., Ltd. This sensing optical cable is protected by multiple metal reinforcements. Used in conjunction with Brillouin Optical Time Domain Reflectometry (BOTDR), the surface strength has been greatly improved and the measurement results can be directly used in displacement conversion providing technical support for test results. The research group (Wang G. et al., 2020) has calibrated the sensing optical cable in the early stage to obtain the temperature and strain coefficients of the cable. The performance and technical parameters of the sensing optical cable are shown in Table 2.
TABLE 2 | Performance and technical parameters of the optical fiber sensor.
[image: Table 2]6 BACK-ANALYSIS OF HSS MODEL PARAMETERS
6.1 Finite element analysis
Using Plaxis for numerical analysis and calculation, a two-dimensional finite element model of the northern ring brace section (section 1-1) of the foundation pit was established. The excavation length of the model was 100 m, the excavation depth was 14 m, and the length of the secant pile was 32 m. The complexity of the calculation was reduced by using a half structure. The excavation size inside the pit was 29.7 m, the ground behind the secant pile was 76 m, and the model’s vertical dimension was around 60 m. Both the road load and the construction load around the foundation pit were assumed to be 15 kPa. Although the model’s ultimate size was 100 m × 60 m, to simplify the model and make calculation easier, the local pile grid and load grid were encrypted during the grid generation procedure. The final northern ring brace model was divided into 2,596 units including 21,303 nodes. The boundary conditions were lower full constraint, left and right normal constraint, and top free constraint. The final grid generation result is shown in Figure 10.In accordance with the previous research results of many scholars, a conservative method was adopted. The secant pile was transformed into a diaphragm wall and simulated by using plate elements based on the principle of equivalent stiffness. Calculation of the moment of inertia was based on the structural diagram of the secant pile in Figure 11:
[image: Figure 10]FIGURE 10 | Mesh division of deep foundation pit model in section one to one.
[image: Figure 11]FIGURE 11 | Structural diagram and moment of inertia calculation diagram of the secant pile.
In Formulas 21, 22, and 23, I1 is the moment of inertia of a single pile minus the black part in the figure; I2 is the cross-sectional moment of inertia of the common pile; I3 is the moment of inertia of the quarter black part of the secant pile; R is the radius of the pile; a is the secant distance between two piles; and y1 is half of the width of the secant face surface.
Calculation of the equivalent thickness [image: image] was based on the principle of equivalent stiffness:
[image: image]
[image: image]
[image: image]
[image: image]
[image: image]
In the formula, E1 is the elastic modulus of plain piles, E2 is the elastic modulus of reinforced piles; E0 is the equivalent elastic modulus; A1 is the cross-sectional areas of plain piles, A2 is the cross-sectional areas of reinforced piles; and h0 is the equivalent thickness.
The support is composed of C40 concrete, the reinforced piles are made of C30 concrete, and the plain piles are made of C15 concrete. The input parameters for the inner support, which is simplified by using anchor rods for simulation, are shown in Table 3. The simulation parameters following the equivalent calculation of the secant pile are shown in Table 4.
TABLE 3 | Support numerical simulation parameters.
[image: Table 3]TABLE 4 | Numerical simulation parameters of the plate element.
[image: Table 4]Before beginning the calculation, the calculation phase must be defined Because of the non-uniformity of the foundation soil layer, the calculation method of gravity loading was employed to construct the initial stress field in the initial stage. The water level is set and the phreatic water type is selected as the pore pressure calculation type. At the initial stage, only the soil element is active, while the other structural elements and road loads are deactivated. Before excavation, the plate unit and road load are activated, and the displacement of the obtained data reset to zero. 
Pore pressure, having some significant impact on the deformation of foundation pits, should be taken into account. In the actual engineering of this paper, thanks to the sound sealing performance of the secant pile, the calculation method of stable seepage was used to consider the changes in pore pressure caused by foundation pit excavation. The seepage computation of the model was not considered due to the secant pile’s superior waterstop capability The specific excavation sequence of the foundation pit is shown in Table 5.
TABLE 5 | Sequence of excavation of The deep foundation pit.
[image: Table 5]6.2 Sensitivity analysis of parameters
The HSS model comprises many parameters, and sensitivity analysis of parameters is essential to improve the efficiency and accuracy of inversion analysis. In this procedure, it is vital to establish which parameters have the largest influence on the model’s output outcomes in order to optimize parameters and increase the accuracy and robustness of model prediction. Based on similar projects and relevant literature, the initial parameters of the typical soil layer HSS model in the Dalian Donggang Business District could be determined. Through a comprehensive analysis of the actual engineering values in the Yangtze River Delta region (Yin, 2010; Wang et al., 2012; Wang et al., 2013; Liang et al., 2017; Zong and Xu, 2019; Gu et al., 2021), Xiamen region (Shi et al., 2016), Tianjin region (Liu et al., 2007), and Jinan region (Li et al., 2019), it could be determined that the unloading and reloading Poisson’s ratio [image: image] is 0.20, the reference stress [image: image] is 100kPa, the failure ratio [image: image] is 0.7–0.9, the power exponent [image: image] is 0.7–0.9, the reference secant modulus [image: image], and the reference tangent modulus [image: image]. Table 6 displays the HSS model’s initial parameters. As demonstrated in Table 7, this article provides both the Mohr Coulomb (M-C) constitutive model parameters for moderately weathered and slightly weathered slate.
TABLE 6 | Computing parameters of the HS-Small model for soil layers.
[image: Table 6]TABLE 7 | Computing parameters of the MC model for soil layers.
[image: Table 7]In this sensitivity analysis, seven parameters including [image: image], [image: image], [image: image], Rf, [image: image], m, and [image: image] were selected as candidates, and four different types of soil layers were selected, namely plain fill, mucky silty clay, silty clay, and completely weathered slate. By observing the changing amplitude of deep horizontal displacement at the bottom of the foundation pit enclosure structure under the fluctuation of ±10% of the above seven parameters, the sensitivity of foundation pit deformation to each of the seven parameters could be assessed. Figure 11 and Figure 12 show the relative change of deep horizontal displacement when the parameter increases and decreases by 10%.
[image: Figure 12]FIGURE 12 | Relative displacement changes when the parameter increases by 10%.
The results of Figure 12 and Figure 13 reflect the sensitivity of the foundation pit deformation to the seven parameters, represented by the deep horizontal displacement of the support structure at the bottom of the pit. The vertical axis shows the rate of change of foundation pit deformation, which refers to the change of the new foundation pit deformation after the parameter increases or decreases by 10%. It can reflect the comparison and reference situation between the new state and the original state.
[image: Figure 13]FIGURE 13 | Relative displacement change when the parameter is reduced by 10%.
Figure 14 comprehensively considers the results of Figure 12 and Figure 13. The vertical axis data represent the average relative displacement when four different parameters change, and it can be seen from this that the changes of [image: image], [image: image], and [image: image] had a significant impact on the calculation results. The sensitivity ranking of the seven parameters selected above were: [image: image] > [image: image] > [image: image] > [image: image] > [image: image] > [image: image] > [image: image], referring to relevant literature (Shi et al., 2017; Chen et al., 2021; Gu et al., 2021; Luo et al., 2021). It can be seen that changes in small strain parameters [image: image] and [image: image] had a significant impact on the deformation of the foundation pit, which is in good agreement with the sensitivity analysis results in this article. Therefore, in order to guarantee the hiberarchy of the numerical simulation results, the first three parameters [image: image], [image: image], and [image: image] were selected for inversion analysis.
[image: Figure 14]FIGURE 14 | Mean value of relative displacement change in deep horizontal displacement.
6.3 Back-analysis model
6.3.1 BP neural network
On the basis of the preprocessing of raw data, MATLAB was selected as the main mathematical tool for this inversion experiment of parameters; the first 77 sets of total data samples were used as the training set to train the network model, and the last four sets were used as the test set to input the trained model for calculation. Considering the balance between data volume and model complexity, an appropriate displacement index needed to be selected which could avoid data redundancy and model overfitting and improve the generalization ability and prediction accuracy of the model. At the same time, selecting appropriate input variables can reduce the complexity of the network structure and reduce computational costs and training difficulty. In addition, in underground engineering, different displacement indicators can reflect different characteristics of deformation. For example, the uplift of the pit bottom mainly reflects the compression deformation of the underground soil layer; the ground surface settlement mainly reflects the settlement deformation of the soil layer; and the deep horizontal displacement of the soldier pile reflects the stress state changes of the surrounding soil. Taking these displacement indicators into account can more comprehensively and accurately reflect the deformation situation of underground engineering.
In summary, as per the results of the numerical simulation orthogonal experiment, a total of eight displacement indicators, including the maximum uplift of the pit bottom, three ground surface settlements (2 m outside the pit, 6 m outside the pit, and 10 m outside the pit), and four deep horizontal displacements (at the top of the pile, at support 1, at support 2, and at the bottom of the pit) of soldier piles, were selected for this back-analysis experiment. These eight indicators were used as input values for the network structure, and 12 parameters to be inverted were used as output values; thus, the input layer of the neural network included eight nodes and the output layer included 12 nodes. Through model debugging and multiple rounds of training based on reference empirical formulas, the optimal value for the number of nodes in the hidden layer was determined to be five, thereby achieving the highest accuracy of the model. Therefore, a back propagation neural network model with an 8-5-12 network structure was established. The relative error of the final result is shown in Figure 15.
[image: Figure 15]FIGURE 15 | Relative error of the BP neural network test set.
The largest error among the four groups of samples was 51.7%, the minimum error was 0.3%, and the average error was 19.6%, as shown in Figure 14. To minimize the prediction error of the BP neural network as much as feasible, study on its optimization strategy was required, so an improved sparrow search algorithm was introduced to optimize it.
6.3.2 SSA-BP model
This portion continued to use the BP neural network structure of 8-5-12 from the previous section with the number of sparrows set to five and the maximum number of iterations set to 50. The network model was trained with the first 77 sets of total data samples as the training set, and then the last four sets of samples were used in the learned model for calculation. The relative error of the final results is shown in Figure 16.
[image: Figure 16]FIGURE 16 | Relative error of the improved SSA-BP neural network test set.
The above graph depicts the prediction error of the BP neural network optimized by the improved sparrow search algorithm. It is easy to see that its overall trend is significantly lower than the initial BP network; the maximum error among the four groups of samples was 15.6%, the minimum error was 0.03%, and the average error was 7.51%. By analyzing the errors, it is possible to conclude that the accuracy of the optimized neural network meets the actual engineering requirements. In this paper, an improved SSA-BP neural network model was used to perform back-analysis experiments on the parameters of the HSS constitutive model, and the values of the back-analysis results are shown in Table 8.
TABLE 8 | Inversion analysis results table of soil parameters.
[image: Table 8]7 RESULT ANALYSIS
7.1 Analysis of HSS model parameter errors
After substituting the parameters in the table into the calculation of the PLAXIS finite element model, the deformation of the foundation pit was obtained. Compared with the measured data, as shown in Table 9, the maximum error between the measured value and simulated value of Section 1-1 was 8.12%, which occurred at the pile top; the minimum error was 0.53%; the average relative error was 10.43%, which is within the allowable range of error, so this parameter inversion analysis met the accuracy and precision requirements of the small strain model for simulating the excavation of foundation pits.
TABLE 9 | Relative error between the measured value and the simulated value of the foundation pit deformation of Section 1-1.
[image: Table 9]7.2 Analysis of deep horizontal displacement
Figure 17 shows the strain monitoring data on the internal and external side of the foundation pit. The left side shows the internal optical fiber and the right side shows the external optical fiber; the pile undergoes deformation under lateral earth pressure, resulting in tensile strains on the internal sides of the foundation pit, and compressive strains on the external sides of the foundation pit.
[image: Figure 17]FIGURE 17 | Monitoring value of the internal and external strain of the foundation pit. (A) inside of the foundation pit. (B) outside of the foundation pit.
On 8 March 2021, the inner support had not been poured and the support pile was under soil pressure on the external sides of the foundation pit, causing tensile strain on the optical fiber on the outer pile and compressive strain on the inner pile. On 29 March 2021, the pouring of first inner support was completed, and the foundation pit was excavated for the second time; near the excavation face, due to the bearing of partial soil pressure by the inner support, the support pile began to protrude and deform, causing compressive strain on the external side of the pile and tensile strain on the internal side. The monitoring results indicated that as the foundation pit is excavated, the supports of internal and external stress in the foundation pit are reversed; the inner support plays a significant role in sharing the stress of the support pile. The soil pressure load it bears continues to increase, but its axial force remains within a safe range, indicating that the inner support structure 

Back-Cover



[image: image]



OPS/images/fmats-09-1117959/math_5.gif
©






OPS/images/fmats-09-1117959/math_6.gif
(6)





OPS/images/fmats-09-1117959/math_7.gif
(7)





OPS/images/fmats-09-1117959/math_8.gif
(8)





OPS/images/fmats-09-1117959/math_13.gif





OPS/images/fmats-09-1117959/math_2.gif





OPS/images/fmats-09-1117959/math_3.gif
m 00
[
0.0 m

|

o





OPS/images/fmats-09-1117959/math_4.gif
@






OPS/images/fmats-09-1117959/math_11.gif





OPS/images/fmats-09-1117959/math_12.gif
M - p'K|=0.

(12)





OPS/images/fmats-10-1180345/fmats-10-1180345-g002.gif





OPS/images/fmats-10-1180345/fmats-10-1180345-g001.gif





OPS/images/fmats-10-1180345/crossmark.jpg
©

|





OPS/images/fmats-10-1185210/math_6.gif
Qs cos By, — apy sinf,





OPS/images/fmats-10-1185210/math_5.gif
—er(2)





OPS/images/fmats-10-1185210/math_4.gif
- @
14G puyf7,






OPS/images/fmats-10-1185210/math_3.gif





OPS/images/fmats-10-1185210/math_2.gif
Qu+Sp+Hp=1"





OPS/images/fmats-09-1107378/fmats-09-1107378-t003.jpg
Very high vulnerability

High vulnerability

Moderate

vulnerability

Low vulnerability

Slight vulnerability

Groundwater level
changes C11

Relative position
between them C12

Engineering
geological
environment C13

Type of building
structure C21

Frequent and long-term
impacts of high groundwater
level and annual
fluctuation >4 times

<500 m
Extremely complex geological
conditions developed adverse
geological processes

Lime-soil foundation

Groundwater level is high
and fluctuates 3-4 times a
year

500 m-1000 m

Poor site stability, poor
geological development

Brick foundation

Groundwater level is normal
and rises and falls 2-3 times
a year

1000 m-5000 m

Stable site with small
adverse geological
development

Stone foundation

Groundwater level is low
and annual rise and fall
change <2 times

5000 m-10000 m

Simple terrain and good
geological conditions

Concrete foundation

Groundwater level s low
and basically unchanged
throughout the year

>10000 m

Good geological
environment

Reinforced concrete
foundation

Beam-column
concrete
strength €22

Concrete cover
thickness C23

Building structural
‘materials C24

Quality of
construction
personnel C31

Construction

quality C32

Maintenance
strength C41

Degree of concrete
deterioration C42

Service life/design
life C43

15% reduction in strength

15% reduction in cover depth

Poor material properties
affecting overall structural
performance

Very poor

Very poor and no
corresponding regulation

No maintenance performed

Cover peeling and falling block

08-10

10% reduction in strength

10% reduction in cover
depth

Low strength and poor
durability

Poor

There are certain quality
problems

Repair after severe
corrosion

Cover crack width exceeds
limit value

0.6-0.8

7% reduction in strength

6% reduction in cover depth

Material has certain strength
and durability

Medium

Generally, no quality
problem

Corresponding repairs after
obvious corrosion

Cover cracking and multiple
cracks

0.4-0.6

4% reduction in strength

3% reduction in cover depth

High strength and durability

High

With corresponding
supervision, quality is better

Regular inspection and
adequate maintenance funds

Steel corrosion and intact
cover

02-04

Strength meets design
requirements

Cover depth meets
requirements

Good material
performance, good
strength, and durability

Very high

Strict supervision and
construction according to
design

Regular inspection and
maintenance funds are

abundant

No steel corrosion

0-02

Types of
medicines C51

Management
strength C52

Leakage area 53

More than 30% corrosive drugs

Poor and no corresponding
‘management

Leakage of corrosive

substances more than 25% per

unit area

Corrosive drugs 20%-30%

Problems with management
systems and requirements

Leakage of corrosive
substances less than 25%
per unit area

Corrosive drugs 10%-20%

Imperfect management
system and requirements

Leakage of corrosive
substancesless than 15% per
unit area

Corrosive drugs 5%-10%

Corresponding management
system and requirements

Leakage of corrosive
substances less than 5% per
unit area

Less than 5% corrosive
drugs

Strict management system

and requirements

No leakage of corrosive
substances





OPS/images/fmats-09-1107378/fmats-09-1107378-t004.jpg
First-grade index ~ Weight value  Second index ~Weight value ~Second index ~Weight value Second index Weight

value
B 021 cn 030 c23 022 ca2 056
B2 ‘ 015 ci 055 cu 024 o3 022
B3 ‘ 018 ci ‘ 015 &3 0333 cs1 042
B4 ‘ 026 c2 ‘ 012 c2 0.667 cs2 028
B5 ‘ 020 c2 ‘ 042 et} 022 cs3 [ 030






OPS/images/fmats-09-1107378/fmats-09-1107378-t005.jpg
Basic variable

Basic variable Basic variable Value
R 20 mm T 298K dy 125 um K 1034 MPa.m'?
c 30 mm RH 80% G 28 kg/m’* K 2072 MPa.m'?
wic ratio 045 Ve o G | skgm p 10 Kohmem
Beam c35 0 20 Cor 12 kg/m* ale 072
Column cas £ 2.8 MPa n 25 a 2mm

E. 28,000 MPa f 345 MPa 3 30 years






OPS/images/fmats-09-1107378/fmats-09-1107378-g002.gif





OPS/images/fmats-09-1107378/fmats-09-1107378-g003.gif
Eapinocing vibenbiityof rctuees H






OPS/images/fmats-09-1107378/fmats-09-1107378-t001.jpg
Specimen number S1 52 S3

2R (mm) 16 16 16 127
C (mm) 48 70 27 52
wie ratio 043 043 045 043
Cr (kg/m’) 4.92 492 6.02 492
T(K) 295 295 295 293
E. (MPa) 27,000 27,000 27000 27,000
e 018 018 018 0.18
9 20 20 20 20
icore (A/Cm?) 241 179 375 180
fi (MPa) 33 33 23 [ 33
fe (MPa) 315 315 356 315
Exposure period/a 184 354 072 238






OPS/images/fmats-09-1107378/fmats-09-1107378-t002.jpg
Reference

Morinaga, (1990)

Liu and Weyers, (1998)

Wu, (2006)

M

cv

v

1219

0.009

0769

0.008

LEEETS

Lu et al. (2010)

Maaddawy and Soudki, (2007) M

EE=0)

cv ‘ 0042

Zhang et al. (2010) M ‘ 0791
cv \ 0138

Reference

Liu and Yu, (2016)

cv
Lun et al. (2021) M

v

0.007

0994

0.005






OPS/images/fmats-09-1117959/math_9.gif
(9)





OPS/images/fmats-09-1107378/crossmark.jpg
©

|





OPS/images/fmats-09-1107378/fmats-09-1107378-g001.gif





OPS/images/fmats-09-1117959/fmats-09-1117959-g010.gif





OPS/images/fmats-09-1117959/fmats-09-1117959-g011.gif





OPS/images/fmats-09-1117959/fmats-09-1117959-g006.gif





OPS/images/fmats-09-1117959/fmats-09-1117959-g007.gif
RS RS
[, o P






OPS/images/fmats-09-1117959/fmats-09-1117959-g008.gif





OPS/images/fmats-09-1117959/fmats-09-1117959-g009.gif





OPS/images/fmats-09-1117959/fmats-09-1117959-g002.gif





OPS/images/fmats-09-1117959/fmats-09-1117959-g003.gif





OPS/images/fmats-09-1117959/fmats-09-1117959-g004.gif
T

P TE E





OPS/images/fmats-09-1117959/fmats-09-1117959-g005.gif





OPS/images/fmats-09-1117959/math_10.gif
F,(t)

¢ F(r).





OPS/images/fmats-09-1117959/fmats-09-1117959-t004.jpg
Working condition

m(t)
myt)
my(t)

ky (KN/m)

k; (KN/m)

ks (kN/m)

€1 (kN-s/m)

¢ (kN-s/m)

& (kNes/m)

Original structu
705.296
227.725
218.280
143359

20257

127.192

26868

Casel
705.296
227.725
218.280
143359
20257
121542
127.192
26.868

740.63

Case2
705.296
227725
218.280
143359
20257
162056
127.192
26868

121687

Case3
705.296
27.725
218.280
143359
20257
202570
127.192
26868

182878

Case4
705.296
227.725
218.280
143359
20257
243084
127.192
26868

2578.06

Case5
705.296
227.725
218.280
143359
20257

283598
127.192
26868

3476.98

5e6

705.296

227.725

218280

143359

20257

324112

127.192

26868

4515.85






OPS/images/fmats-09-1117959/inline_1.gif





OPS/images/fmats-09-1117959/inline_2.gif





OPS/images/fmats-09-1117959/math_1.gif





OPS/images/fmats-09-1117959/fmats-09-1117959-g013.gif
!

PSETTIRIRINIEE
:
? E i
=5 ji
s 35
H
§ i






OPS/images/fmats-09-1117959/fmats-09-1117959-t001.jpg
Order

Frequency (Hz)






OPS/images/fmats-09-1117959/fmats-09-1117959-t002.jpg
Parameter Mass(t) Stiffness (10° kN/m) Damp (kN-s/m)






OPS/images/fmats-09-1117959/fmats-09-1117959-t003.jpg
Parameter

The first frequency (Hz)

Relative mistake (%)

Original structure 27173 36.32

2k, 17305 29

Ak 20925 16.52

6ky 22683 1271

8k, 23719 1020

1.0k, 24401 843

12k, 24883 7.1

14k, 25241 6.57

1.6k, 25518 609

18k 25739 528
The passing frequency1P-3P 200-.600
Frequency range (10%margin) 1220-.540






OPS/images/fmats-09-1117959/fmats-09-1117959-g012.gif
EEREEERSE

R R





OPS/images/fmats-09-1055635/inline_14.gif
Div D;





OPS/images/fmats-09-1055635/inline_15.gif
Div D;





OPS/images/fmats-09-1055635/inline_16.gif
MAC;

i





OPS/images/fmats-09-1055635/inline_10.gif





OPS/images/fmats-09-1055635/inline_11.gif
K |





OPS/images/fmats-09-1055635/inline_12.gif





OPS/images/fmats-09-1055635/inline_13.gif
MAC;

i





OPS/images/fmats-09-1055635/fmats-09-1055635-t003.jpg
Overall mode
order

The local
vibration order
of the

cable segment

SN

Finite element
cable force
(N)

5,048.70
5,048.70
5,048.70
5,048.70

Theoretical solution
frequency (Hz)

31687
69418
117695
17.9212

Extraction frequency
(Hz)

32968
7.2246
11.7399
185797

Frequency error
(%)

4.04
407
025
367





OPS/images/fmats-09-1055635/fmats-09-1055635-t004.jpg
Cable stage n

g SEBC e

Finite element
cable force

N)

5,048.70
5,048.70
5,048.70
5,048.70

Theoretical solution
frequency (Hz)

3.1687
69418
11.7695
17.9212

Extraction frequency
(Hz)

32968
7.2246
117399
18.5797

Calculated cable
force (N)

5,494.76
5588.22
5,007.06
5,857.98

Cable force
error (%)

8.84
10.69
0.82
16.03





OPS/images/fmats-09-1055635/inline_1.gif





OPS/images/fmats-09-1055635/fmats-09-1055635-g002.gif





OPS/images/fmats-09-1055635/fmats-09-1055635-g003.gif





OPS/images/fmats-09-1055635/crossmark.jpg
©

|





OPS/images/fmats-09-1055635/fmats-09-1055635-g001.gif





OPS/images/fmats-09-1055635/fmats-09-1055635-t001.jpg
Overall mode

hadba T i

~

Maximum
amplitude node number

1,037
447
1,017
1,087
401
753
153
980
748
144
1,042
1,113

The number of
the cable segment

No.
No.
No.
No.
No.
No.
No.
No.
No.
No.
No.
No.

3 cable
2 cable
3 cable
3 cable
2 cable
4 cable
1 cable
3 cable
4 cable
1 cable
3 cable
3 cable

Frequency/Hz

329679
3.72026
477737
7.22461
7.77935
10.5963
110791
11.7399
12,0532
12.8216
13.9460
18.5797

Exclude?

No
No
Yes
No
No
No
No
No
No
No
No
No





OPS/images/fmats-09-1055635/fmats-09-1055635-t002.jpg
Overall modal order Reference mode shape order

1 2 3 4
1 0.9978 0.0018 0.0003 0.0001
4 0.0026 0.9913 0.0047 0.0009
8 0.0773 0.0096 0.8871 0.0179

12 0.0004 0.0017 0.0072 0.9800





OPS/images/fmats-09-1055635/fmats-09-1055635-g004.gif
£






OPS/images/fmats-09-1055635/fmats-09-1055635-g005.gif





OPS/images/fmats-11-1408284/crossmark.jpg
©

|





OPS/images/fmats-10-1331081/fmats-10-1331081-g012.gif
it e £

AmpliudedB

o e w0 a0 s
Frequency/Hz





OPS/images/fmats-10-1331081/fmats-10-1331081-g011.gif
pad
I Ui Yt e

s

Amplitade/al

0 W w W we s
Frequency/Hz





OPS/images/fmats-10-1331081/fmats-10-1331081-g010.gif





OPS/images/fmats-10-1331081/fmats-10-1331081-g009.gif
ot
o tmatars o 8|

m
Frequency/tz





OPS/images/fmats-09-1116490/fmats-09-1116490-g003.gif





OPS/images/fmats-09-1116490/fmats-09-1116490-g004.gif





OPS/images/fmats-09-1116490/fmats-09-1116490-g005.gif
-5





OPS/images/fmats-09-1116490/fmats-09-1116490-g006.gif





OPS/images/fmats-09-1055635/math_7.gif
MAC, =

(o)

(@ o)(o7)





OPS/images/fmats-09-1116490/crossmark.jpg
©

|





OPS/images/fmats-09-1116490/fmats-09-1116490-g001.gif





OPS/images/fmats-09-1116490/fmats-09-1116490-g002.gif





OPS/images/fmats-09-1055635/math_5.gif
(U} = {P}sin(wl)





OPS/images/fmats-10-1331081/inline_3.gif





OPS/images/fmats-09-1055635/math_6.gif
(6)





OPS/images/fmats-10-1331081/inline_2.gif





OPS/images/fmats-10-1331081/inline_1.gif





OPS/images/fmats-10-1331081/fmats-10-1331081-t003.jpg
No. of submatrix parameters

Updated values -0.0001 | -02965  -0.0130
Real values 0 -03 0

Relative errors - 117% - ‘






OPS/images/fmats-10-1331081/fmats-10-1331081-t002.jpg
Length m) Section width m) Section thickness m) Elastic modulus (Pa) Density (kg/m?) knl (N/m?)






OPS/images/fmats-10-1331081/fmats-10-1331081-t001.jpg
No. of submatrix

parameters
Updated values ‘ -0.002 -0.2003 ~0.0060  -02997
Real values ‘ 0 ~0.2000 0 ~0.3000 ‘

Relative errors ‘ — 0.15% — 0.10% ‘






OPS/images/back-cover.jpg
Frontiers in
Materials

Investigates the discovery and design of materials.
for future application

A multidisciplinary journal that explores the
breadth of materials science, engineering and.
mechanics - from carbon-based materials to
smart materials.

Discover the latest
Research Topics

o= Frontiersin
Materials

Averue du Trbunal-Fédéral 34
1005 Lausanne, Switzeriand
nontersinor.

Contactus
+41(0215101700

2 frontiers | Research Topics






OPS/images/fmats-09-1116490/math_1.gif
K=

sl hg
FEXI-X|

0





OPS/images/fmats-09-1117959/crossmark.jpg
©

|





OPS/images/fmats-09-1117959/fmats-09-1117959-g001.gif





OPS/images/fmats-09-1116490/fmats-09-1116490-t001.jpg
Case No.  Pretension Friction Eccentricity Bolt hole Component

force (kN) coefficient (mm) diameter (mm) material (mm)
Al 100 03 50 215 Q345 68
A2 100 03 | 50 20 Q35 68
B1 100 02 50 215 Q345 68
B2 100 04 | 50 215 Q345 68
wo 100 03 100 [ 215 Q345 68
B4 100 03 50 20 Q345 68
BS 100 03 | 50 25 Q35 68
B6 125 03 50 25 Q5 68
W 150 03 | 50 215 Q345 68
BS 100 03 | 50 215 Q120 48
B 100 03 50 [ 215 Q120 68
B10 100 | 03 | 50 215 Q420 88






OPS/images/fmats-09-1116490/fmats-09-1116490-t002.jpg
Initial stiffness (kN/mm) Case No. Initial stiffness (kN/mm)
BI 398.66 B6 42249
B2 438.86 B7 42610
B3 337.22 B8 40727
B4 502.23 BY 42229
BS 42229 BIO 42231






OPS/images/fmats-09-1116490/inline_1.gif
Fo/\2





OPS/images/fmats-09-1116490/inline_2.gif





OPS/images/fmats-09-1116490/fmats-09-1116490-g007.gif





OPS/images/fmats-09-1116490/fmats-09-1116490-g008.gif
R

piTig LTy -
1 ]






OPS/images/fmats-09-1116490/fmats-09-1116490-g009.gif





OPS/images/fmats-10-1231303/math_15.gif
a3)





OPS/images/fmats-10-1331081/math_18.gif
8 x10" x (x; = x3)° +5x10" x (x; —x3)"  (18)






OPS/images/fmats-10-1231303/math_14.gif
4)





OPS/images/fmats-10-1331081/math_17.gif





OPS/images/fmats-10-1231303/math_13.gif
w@=-| | = Zduz-ccop ()





OPS/images/fmats-10-1331081/math_16.gif
AB = QAQ'





OPS/images/fmats-10-1231303/math_12.gif
)





OPS/images/fmats-10-1331081/math_15.gif
K.= Ko+ pK| (15)





OPS/images/fmats-10-1231303/math_11.gif
an





OPS/images/fmats-10-1331081/math_14.gif





OPS/images/fmats-10-1331081/math_13.gif
(B+UV")

T-B'U(I+V'B'U) V'B'  (13)





OPS/images/fmats-09-1055635/inline_24.gif





OPS/images/fmats-09-1055635/inline_3.gif





OPS/images/fmats-09-1055635/inline_20.gif
MAC;; > 0.9





OPS/images/fmats-09-1055635/inline_21.gif
Div D;





OPS/images/fmats-09-1055635/inline_22.gif
MAC;

i





OPS/images/fmats-09-1055635/inline_23.gif
Div D;





OPS/images/fmats-09-1055635/inline_17.gif





OPS/images/fmats-09-1055635/inline_18.gif





OPS/images/fmats-09-1055635/inline_19.gif
Div D;





OPS/images/fmats-09-1055635/inline_2.gif





OPS/images/fmats-10-1231303/math_2.gif
Q(z)=0o(z2)A





OPS/images/fmats-10-1231303/math_19.gif
Yoo = i [2¢/(1 + 2c08(2¢)) - o' (1 + Ko)sin(2¢)]  (19)





OPS/images/fmats-10-1331081/math_4.gif
L, =G, ., G (4)






OPS/images/fmats-10-1231303/math_18.gif
(2973 -e0)
Yy

(ocR)” as)





OPS/images/fmats-10-1331081/math_3.gif
(3)





OPS/images/fmats-10-1231303/math_17.gif
7






OPS/images/fmats-10-1331081/math_2.gif
B(wX(w)+ ) AY, (w)

(2)





OPS/images/fmats-10-1231303/math_16.gif
a6





OPS/images/fmats-10-1331081/math_19.gif
me=1kg
36XI0°N/m  (19)
8N -s/m






OPS/images/fmats-10-1331081/inline_8.gif





OPS/images/fmats-10-1331081/inline_7.gif





OPS/images/fmats-10-1331081/inline_6.gif





OPS/images/fmats-10-1331081/inline_5.gif





OPS/images/fmats-10-1331081/inline_4.gif





OPS/images/fmats-09-1055635/math_4.gif
(MJ{UL + ([Kg] + [Ka)T






OPS/images/fmats-09-1055635/inline_9.gif





OPS/images/fmats-09-1055635/math_1.gif
ro=ani(L2).

[0





OPS/images/fmats-09-1055635/math_2.gif
@





OPS/images/fmats-09-1055635/math_3.gif
®





OPS/images/fmats-09-1055635/inline_5.gif





OPS/images/fmats-09-1055635/inline_6.gif
(U}





OPS/images/fmats-09-1055635/inline_7.gif





OPS/images/fmats-09-1055635/inline_8.gif





OPS/images/fmats-09-1055635/inline_4.gif
M |





OPS/images/fmats-10-1331081/math_12.gif
obj = |(1-8,)] (12)





OPS/images/fmats-10-1331081/math_11.gif
[r0t0g,, JHi(w))| -10008,, |H:(w)[| (D)






OPS/images/fmats-10-1331081/math_10.gif





OPS/images/fmats-10-1331081/math_1.gif
ME(t) + Cx(t) + Kx(t) + ) A,y (1]

(1)





OPS/images/fmats-10-1331081/inline_9.gif





OPS/images/fmats-10-1231303/inline_128.gif





OPS/images/fmats-10-1231303/math_qu2.gif





OPS/images/fmats-10-1320584/fmats-10-1320584-g010.gif
 0.5% carbon fiber contenr 8- ql’.umm'\lmmlm
0744 crbon fiber content 0744 carbn thr con
0544 cabon By cotent

YT
i

0w s
s Sond Comnt 0

035 s e
Glass Sond Coment 5

100 % 180 . X MO 3¢ 100 s 3¢ 408 e





OPS/images/fmats-10-1231303/inline_127.gif
Yo 7





OPS/images/fmats-10-1231303/math_qu1.gif





OPS/images/fmats-10-1320584/fmats-10-1320584-g009.gif
i conn

19.9% casbom Sber comarat
7 o v conen

0% caton

'\ g g

ProRn.





OPS/images/fmats-10-1231303/inline_126.gif





OPS/images/fmats-10-1231303/math_9.gif
Em(2)
)

M(z) = BT ©)





OPS/images/fmats-10-1320584/fmats-10-1320584-g008.gif
Spiiaing Tenalls Sumigth (Pe)

L__10.5% carbon fiber comtent
| Bt

Il

s S Chmat 00






OPS/images/fmats-10-1231303/inline_125.gif
K





OPS/images/fmats-10-1231303/math_8.gif
®





OPS/images/fmats-10-1320584/fmats-10-1320584-g007.gif





OPS/images/fmats-10-1231303/inline_124.gif





OPS/images/fmats-10-1231303/math_7.gif
@





OPS/images/fmats-10-1320584/fmats-10-1320584-g006.gif





OPS/images/fmats-10-1231303/inline_123.gif
E™,





OPS/images/fmats-10-1231303/math_6.gif
©





OPS/images/fmats-10-1320584/fmats-10-1320584-g005.gif





OPS/images/fmats-10-1231303/math_5.gif
©





OPS/images/fmats-10-1320584/fmats-10-1320584-g004.gif





OPS/images/fmats-10-1320584/fmats-10-1320584-g003.gif





OPS/images/fmats-10-1231303/inline_14.gif





OPS/images/fmats-10-1231303/inline_130.gif





OPS/images/fmats-10-1273796/fmats-10-1273796-g002.gif





OPS/images/fmats-10-1231303/inline_13.gif





OPS/images/fmats-10-1273796/fmats-10-1273796-g001.gif





OPS/images/fmats-10-1320584/fmats-10-1320584-g012.gif





OPS/images/fmats-10-1231303/inline_129.gif
Yo 7





OPS/images/fmats-10-1273796/crossmark.jpg
©

|





OPS/images/fmats-10-1320584/fmats-10-1320584-g011.gif





OPS/images/fmats-10-1231303/math_25.gif
@9






OPS/images/fmats-10-1331081/math_qu2.gif
FrF -1 GEX (-1 9






OPS/images/fmats-10-1231303/math_24.gif
|- a st

(@





OPS/images/fmats-10-1331081/math_qu1.gif
Giji-1: r)






OPS/images/fmats-10-1231303/math_23.gif
er{Gg) st

¥+ QLR,>ST

(@)





OPS/images/fmats-10-1331081/math_9.gif
©)





OPS/images/fmats-10-1231303/math_22.gif
Sx 2 Xu]:
HX):[//”X“ = ..x;.}] .

([

X ]).






OPS/images/fmats-10-1331081/math_8.gif
®





OPS/images/fmats-10-1231303/math_21.gif
@





OPS/images/fmats-10-1331081/math_7.gif





OPS/images/fmats-10-1231303/math_20.gif
()





OPS/images/fmats-10-1331081/math_6.gif
FDAC(wiw; )
TRy n,.m»][zk Hnw) Ha(w))]
(6)






OPS/images/fmats-10-1331081/math_5.gif
Hyi 1.y = Gypy. nGxxe-r:n (5)





OPS/images/fmats-10-1231303/math_4.gif
& +re)

e, (2) @






OPS/images/fmats-10-1231303/math_30.gif
Bt BaAy
Eo= Ay 30)





OPS/images/fmats-10-1320584/fmats-10-1320584-g002.gif





OPS/images/fmats-10-1231303/math_3.gif
cu (2)

a-a)

®





OPS/images/fmats-10-1320584/fmats-10-1320584-g001.gif





OPS/images/fmats-10-1231303/math_29.gif
Eo(4R - 2a)hy”

Eil, + . -

29)






OPS/images/fmats-10-1320584/crossmark.jpg
©

|





OPS/images/fmats-10-1229327/math_17.gif
£f 1e) .
i 2 [(ofe-yeterde






OPS/images/fmats-10-1231303/inline_28.gif





OPS/images/fmats-10-1273796/inline_16.gif





OPS/images/fmats-10-1229327/math_16.gif
iI:A(zV}(zldz

a6





OPS/images/fmats-10-1231303/inline_27.gif





OPS/images/fmats-10-1273796/inline_15.gif





OPS/images/fmats-10-1320584/math_9.gif
==

=

©





OPS/images/fmats-10-1229327/math_15.gif
as)

HE (2)x}(2)dz
[ s





OPS/images/fmats-10-1231303/inline_26.gif
dz





OPS/images/fmats-10-1273796/inline_14.gif





OPS/images/fmats-10-1320584/math_8.gif
Jou =085a @, . 150

(8)





OPS/images/fmats-10-1229327/math_14.gif
(14)






OPS/images/fmats-10-1231303/inline_25.gif
(),0)-






OPS/images/fmats-10-1273796/inline_13.gif





OPS/images/fmats-10-1320584/math_7.gif





OPS/images/fmats-10-1229327/math_13.gif
Ef e

£ aalafer o] dee sy sl +5(0
(13)

| R e el






OPS/images/fmats-10-1231303/inline_24.gif





OPS/images/fmats-10-1273796/inline_12.gif





OPS/images/fmats-10-1320584/math_6.gif
©






OPS/images/fmats-10-1229327/math_12.gif
| +cos}, coshl,

%hml,(mhl‘—(m/\smh/\.' 12)






OPS/images/fmats-10-1231303/inline_23.gif
m'n





OPS/images/fmats-10-1273796/inline_11.gif





OPS/images/fmats-10-1320584/math_5.gif
= ©®






OPS/images/fmats-10-1229327/math_11.gif
sind, + 224 (cosA, - cosh],) - sinh A

I

cosh - Migina,

inh ) cosh,

an





OPS/images/fmats-10-1231303/inline_22.gif





OPS/images/fmats-10-1273796/inline_10.gif
cosh





OPS/images/fmats-10-1320584/math_4.gif
@

I





OPS/images/fmats-10-1231303/inline_21.gif





OPS/images/fmats-10-1273796/inline_1.gif
Fe





OPS/images/fmats-10-1320584/math_3.gif
e






OPS/images/fmats-10-1273796/fmats-10-1273796-g013.gif





OPS/images/fmats-10-1320584/math_2.gif
@





OPS/images/fmats-10-1320584/math_12.gif
(2





OPS/images/fmats-10-1229327/math_2.gif
1) =1,(1+p7) (Oszsl)

®





OPS/images/fmats-10-1229327/math_19.gif
19





OPS/images/fmats-10-1231303/inline_3.gif





OPS/images/fmats-10-1229327/math_18.gif
- K| a2

u [:sz ez

as)





OPS/images/fmats-10-1231303/inline_29.gif





OPS/images/fmats-10-1273796/inline_17.gif





OPS/images/fmats-10-1231303/inline_18.gif





OPS/images/fmats-10-1273796/fmats-10-1273796-g010.gif





OPS/images/fmats-10-1320584/math_10.gif





OPS/images/fmats-10-1231303/inline_17.gif
C1





OPS/images/fmats-10-1273796/fmats-10-1273796-g009.gif





OPS/images/fmats-10-1320584/math_1.gif
w





OPS/images/fmats-10-1231303/inline_16.gif





OPS/images/fmats-10-1273796/fmats-10-1273796-g008.gif





OPS/images/fmats-10-1320584/fmats-10-1320584-t003.jpg
0GS100S (%) 25GS75S (%) 50GS50S (%) 75GS15S (%) 100GS0S (%)

0.50 0.50 050 050 0.50

0.70 0.70 0.70

Carbon fiber 0.70 0.70

0.90 0.90 ‘ 0.90 0.90 0.90





OPS/images/fmats-10-1231303/inline_152.gif
b ] e (re3)e
= zj:'yl R — 2y

BNl 742;'") _ (R = D’ (29





OPS/images/fmats-10-1273796/fmats-10-1273796-g007.gif
T
i






OPS/images/fmats-10-1320584/fmats-10-1320584-t002.jpg
Physical properties identification Silica fume Metakaolin Glass sand
Density - - - - 2.4-2.6 kg/m®

Activity Index - 74 - 123 -

Water Content - 0.65 011 022 —

Ignition Loss 143 137 077 - -

Fineness - - 106 — -






OPS/images/fmats-10-1231303/inline_15.gif





OPS/images/fmats-10-1273796/fmats-10-1273796-g006.gif





OPS/images/fmats-10-1320584/fmats-10-1320584-t001.jpg
Chemical composition identificatiol Cement Silica fume Fly ash Metakaolin Glass sand
Silicon dioxide (SiO,) - 90.14 - 54.31 72.81
Potassium oxide (K,0) - - - 072
03

Sodium oxide (Na,0) - - -
Calcium oxide (Ca0) — - 0.68 - 8.74
Magnesium oxide (MgO) 103 - — — 115
Ferric oxide (Fe,0;) - — — — 018
Aluminium oxide (ALO;) - - — 4423 2.62

Chloride ion (Cl-) 0.009 0125 — — -






OPS/images/fmats-10-1231303/inline_147.gif
(27)





OPS/images/fmats-10-1273796/fmats-10-1273796-g005.gif
eeticn et

=TT

St

Presd thuat 8





OPS/images/fmats-10-1320584/fmats-10-1320584-g016.gif
s darad ke i el icens ekt ahit





OPS/images/fmats-10-1231303/inline_146.gif





OPS/images/fmats-10-1273796/fmats-10-1273796-g004.gif





OPS/images/fmats-10-1320584/fmats-10-1320584-g015.gif
[ —






OPS/images/fmats-10-1273796/fmats-10-1273796-g003.gif





OPS/images/fmats-10-1320584/fmats-10-1320584-g014.gif





OPS/images/fmats-10-1320584/fmats-10-1320584-g013.gif





OPS/images/fmats-10-1231303/inline_20.gif
£ (2)





OPS/images/fmats-10-1231303/inline_2.gif
E™,





OPS/images/fmats-10-1273796/fmats-10-1273796-g012.gif





OPS/images/fmats-10-1231303/inline_19.gif
£,(2)





OPS/images/fmats-10-1273796/fmats-10-1273796-g011.gif





OPS/images/fmats-10-1320584/math_11.gif





OPS/images/fmats-10-1180345/fmats-10-1180345-t002.jpg
Envelope

Parameter
Coordinates of the center (¥, yo) (-614.48, ~201.07) (-429.98, ~118.10)
I Width R, 14139 15525
Height R, [ 21514 [ 303.24
Rotation angle of the semi-major axis  (rad) 03021 | 0.2960
Fitting parameter: C; ~237E-06 ~1.30E-06
| Fitting parameter: C, 1.20E-05 5.84E-06
Fitting parameter: Cy ~197E-05 ~9.98E-06
Fitting parameter: C; ~5.00E-04 ~4.33E-04
Fitting parameter: Cs [ ~5.70E-04 [ 151E-04






OPS/images/fmats-10-1229930/fmats-10-1229930-g003.gif





OPS/images/fmats-10-1231303/inline_48.gif





OPS/images/fmats-10-1180345/fmats-10-1180345-t001.jpg
Pile Sand Pile-soil interface

‘ Unit weight y (kN/m’) 264 157 157
‘75(1@-) Cesemir Eq. 1 Eq. 1
035 03 03
- 475 2

— 17.5 0






OPS/images/fmats-10-1229930/fmats-10-1229930-g002.gif





OPS/images/fmats-10-1231303/inline_47.gif
et





OPS/images/fmats-10-1273796/inline_9.gif





OPS/images/fmats-10-1180345/fmats-10-1180345-g008.gif





OPS/images/fmats-10-1229930/fmats-10-1229930-g001.gif





OPS/images/fmats-10-1231303/inline_46.gif
K





OPS/images/fmats-10-1273796/inline_8.gif





OPS/images/fmats-10-1180345/fmats-10-1180345-g007.gif





OPS/images/fmats-10-1229930/crossmark.jpg
©

|





OPS/images/fmats-10-1231303/inline_45.gif





OPS/images/fmats-10-1273796/inline_7.gif





OPS/images/fmats-10-1180345/fmats-10-1180345-g006.gif





OPS/images/fmats-10-1229327/math_qu2.gif





OPS/images/fmats-10-1231303/inline_44.gif





OPS/images/fmats-10-1273796/inline_6.gif





OPS/images/fmats-10-1180345/fmats-10-1180345-g005.gif
ey —
u-n.’





OPS/images/fmats-10-1229327/math_qu1.gif





OPS/images/fmats-10-1231303/inline_43.gif





OPS/images/fmats-10-1273796/inline_5.gif





OPS/images/fmats-10-1180345/fmats-10-1180345-g004.gif





OPS/images/fmats-10-1229327/math_9.gif





OPS/images/fmats-10-1231303/inline_42.gif





OPS/images/fmats-10-1273796/inline_4.gif





OPS/images/fmats-10-1180345/fmats-10-1180345-g003.gif





OPS/images/fmats-10-1229327/math_8.gif





OPS/images/fmats-10-1231303/inline_41.gif
Esp





OPS/images/fmats-10-1273796/inline_3.gif





OPS/images/fmats-10-1229327/math_7.gif
=
q‘nz{Pnn(T‘;) (0stst) o
0 (st





OPS/images/fmats-10-1231303/inline_40.gif
a





OPS/images/fmats-10-1273796/inline_29.gif





OPS/images/fmats-10-1231303/inline_4.gif
Yo 7





OPS/images/fmats-10-1273796/inline_28.gif





OPS/images/fmats-10-1273796/inline_27.gif





OPS/images/fmats-10-1180345/inline_10.gif





OPS/images/fmats-10-1180345/inline_1.gif





OPS/images/fmats-10-1229930/fmats-10-1229930-g004.gif





OPS/images/fmats-10-1229327/math_4.gif
- |

P8z~ l‘,ism(’,i)(ﬂs tst)

0t <f)

0





OPS/images/fmats-10-1231303/inline_38.gif





OPS/images/fmats-10-1273796/inline_26.gif





OPS/images/fmats-10-1229327/math_3.gif
Y0 = 3 9,20 e





OPS/images/fmats-10-1231303/inline_37.gif
Esp





OPS/images/fmats-10-1273796/inline_25.gif





OPS/images/fmats-10-1229327/math_25.gif





OPS/images/fmats-10-1231303/inline_36.gif
a





OPS/images/fmats-10-1273796/inline_24.gif





OPS/images/fmats-10-1229327/math_24.gif





OPS/images/fmats-10-1231303/inline_35.gif





OPS/images/fmats-10-1273796/inline_23.gif
C =RV In





OPS/images/fmats-10-1229327/math_23.gif
36| 127z

T

(23)





OPS/images/fmats-10-1231303/inline_34.gif





OPS/images/fmats-10-1273796/inline_22.gif





OPS/images/fmats-10-1229327/math_22.gif
ke[ ae(5

- - @
[ ao(% - 22) e






OPS/images/fmats-10-1231303/inline_33.gif





OPS/images/fmats-10-1273796/inline_21.gif





OPS/images/fmats-10-1229327/math_21.gif
36| 1)1 -2de
o — (@
fjn,qm(mfe) &z





OPS/images/fmats-10-1231303/inline_32.gif





OPS/images/fmats-10-1273796/inline_20.gif





OPS/images/fmats-10-1229327/math_20.gif
(@) = C,sin(

(20





OPS/images/fmats-10-1231303/inline_31.gif
N - m-





OPS/images/fmats-10-1273796/inline_2.gif





OPS/images/fmats-10-1231303/inline_30.gif





OPS/images/fmats-10-1273796/inline_19.gif





OPS/images/fmats-10-1273796/inline_18.gif





OPS/images/fmats-10-1229327/math_6.gif
{lo)at)

Iy LACLCI. ]‘lélz—/n)w‘mq(

©





OPS/images/fmats-10-1229327/math_5.gif
®





OPS/images/fmats-10-1231303/inline_39.gif
| o





OPS/images/fmats-09-1107378/math_11.gif
A+Rp)(1-mC" |0
KDy [erf o' (CL OO

an





OPS/images/fmats-10-1230097/fmats-10-1230097-g001.gif





OPS/images/fmats-09-1107378/math_10.gif
C(x, (10






OPS/images/fmats-10-1230097/crossmark.jpg
©

|





OPS/images/fmats-10-1229930/fmats-10-1229930-t010.jpg
Unit Initial axial First Second Third Fourth Fifth Sixth Total axial force of

number force tension tension tension tension tension tension temporary boom
100 1397.00 300 300 300 300 200 0 1400
101 139346 300 300 300 300 200 0 1400
I 102 139095 300 300 [ 300 300 200 50 1450
103 139186 300 300 300 300 | 0 | 1400
104 B0ss | 30 300 | 300 300 | 0 1400






OPS/images/fmats-09-1107378/math_1.gif





OPS/images/fmats-10-1180345/math_3.gif
%

Ri=

R

G- Cr

3

G-

2(Cix + Gy + Cogo - 1)
GGt (G -G +

2(Cixi 4G 0y~ 1)

CrG G-y C

)

o





OPS/images/fmats-10-1229930/fmats-10-1229930-t009.jpg
Unit Initial axial First Second Third Fourth Fifth Total axial force of

number force tension tension tension tension tension temporary boom
91 139051 300 300 300 300 0 1200
92 o2z o 300 ‘ 300 300 0 [ 1200
93 139054 w0 300 l 300 300 100 1300
9 139201 0 300 300 300 0 1200
95 o0s | w 300 300 300 0 1200






OPS/images/fmats-10-1231303/inline_67.gif





OPS/images/fmats-09-1107378/inline_5.gif





OPS/images/fmats-10-1180345/math_2.gif
Cix 4+ Cuxy+Ciy +Cix+Csy+ 1 =0, (2)





OPS/images/fmats-10-1229930/fmats-10-1229930-t008.jpg
Unit Initial axial First Second Third Fourth Fifth Sixth Total axial force of

number force tension tension tension tension tension tension temporary boom
101 139346 300 300 300 300 300 0 1500
102 139095 300 300 300 300 300 35 ‘ 1535

103 1391.86 300 300 300 300 300 0 ‘ 1500






OPS/images/fmats-10-1231303/inline_66.gif





OPS/images/fmats-10-1287623/fmats-10-1287623-t001.jpg
Item Compressive Flexural Setting time (h: min) Water consumption of standard consistency (%)
strength (Mpa) strength (Mpa)

3days 28days 3days 28days Initial setting Final setting

58 ‘ 9.1 1:55 355 275






OPS/images/fmats-09-1107378/inline_4.gif
MPam'/?





OPS/images/fmats-10-1180345/math_1.gif





OPS/images/fmats-10-1229930/fmats-10-1229930-t007.jpg
Serial Unit Boom Initial axial ~ Temporary boom axial Boom length/Main Force transmission

number number length(m) force (KN) force (KN) cable height efficiency (%)
1 87 1256 139044 1410 01794 98.61
2 88 1571 139244 1410 02244 [ 98.75
& 89 19.12 1390.48 1420 02731 97.92
4 90 279 139228 1430 [ 03256 [ 97.36
5 91 [ 2673 139051 1435 03819 96.90
6 92 3093 139212 1460 04419 | 95.35
2 93 3540 s 1480 05057 93.96
8 94 4013 139201 1500 05733 [ 92.67
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7 &3 Reinforced concrete foundation
o33 4% reduction in strength
(&) 3% reduction in cover thickness
e Material has certain strength and durability
e High
7 3 | With corresponding supervision, quality is better
o Corresponding repairs after obvious corrosion
on Steel corrosion and intact cover
o 06
cs1 Corrosive drugs between 5% and 10%
cs2 ‘With corresponding management systems and requirements
cs3 Corrosive substances less than 5% per unit area
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force tension tension tension tension tension temporary boom
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‘ remaining axial force 1390.946 112725 ‘ 834560 556457 278420 0.000 2208
changes in the axial force of
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-278.17 -278.10 -278.04
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force tension tension tension tension tension temporary boom
| tension 1390.54 3837 3837 3837 3837 3837
‘ remaining axial force 1390.54 111231 83411 55594 277.79 0.00 19185

changes in the axial force of
the boom 0.00 -278.22 -278.20 -278.17 -278.15 =277.79
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force tension tension tension tension tension temporary boom
| tension 1438.42 300 300 300 300 270
‘ remaining axial force 1438.42 1142595 846784 55097 25517 0.00 1470

changes in the axial force of
the boom 0.00 -295.83 -295.81 -295.81 ~295.80 -255.17
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axial temporary transmission temporary transmission temporary transmission
force boom in the efficiency in the boom in the efficiency in the boom in the efficiency in the
(KN) single-point single-point three-point three-point five-point five-point
method (KN) method (%) method (KN) method (%) method (KN) method (%)
short
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medium
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long
e 139095 2203 63.14 1535 90.62 1450 9593
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Simulated value

Relative
simulated value

Pit bottom Settlement (mm)

uplift (mm)
2m outside  6m outside 10 m outside
the pit the pit the pit
123623 9276 9.428 8451
125455 9.906 8.005 7.779
148% 679% 15.09% 7.95%

Horizontal displacement of support pile (mm)

Pile
top

3.980
4.320

15.41%

Support Support
point 1 point 2
4.950 ‘ 9.630
4.440 ‘ 8256

10.30% ‘ 18.50%

Support
point 3

11590

12505

7.89%
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Soil layer Gravity y/(kN-m~) Cohesion c'/kPa  Angle of internal friction ¢'/()  Elastic modulus/GPa  Poisson ratio

Medium-weathered slate 26.70 | 250,00 30,00 20.00 027

Slightly weathered slate 27.00 ‘ 400.00 38.00 35.00 022
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Plain il 1 1000 1800 1.00 020 069 100 573 521 075 088
Muddysitydey 1390 e | s 0w | om0 29 070 088
silty clay 2940 17.60 19.70 020 | 070 100 157 147 080 080
Completely weathered slate 60.00 w0 | s o2 om 100 b | s 088 | 075

In Table 6: E5 is the secant modulus of the standard triaxial test; ELS, is the tangential compression modulus of the confined compression test; EL is the unloading and reloading modulus
under reference stress; G' is the reference shear modulus for small strains; and K™ is the lateral earth pressure coefficient at rest of normal consolidation.
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\ 0 Generate the initial stress field

| 1 Construct secant pile unit, activate the road load

‘ 2 Excavate to 2 m and construct the first support

‘ 3 [ Excavate to -1 m

‘ 4 Excavate to -3.8 m and construction of the second support
| 5 Excavate to 6.8 m

|

6 Excavate to -9.5 m, the bottom
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Type Tensional rigidity/(kN-m™")  Flexural rigidity/(kN-m)  Equivalent thickness/m  Gravity/(kN-m™)  Poisson ratio

264 x 107 230 x 10° 1.021
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Type Tensional rigidity/kN Equivalent length/m

325 x 1

Support 75
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Parameter Impact height(m) Impact duration time(s) Peak impact force (kN)

Value 359 0.01,0.02,0.03 300,650,100
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As ¢ (kPa) hy (m) ¥, (kN/m?) Vo ( Gy (kN) Rup (kN, Eq. 4) R, (kN, FEM)

a=45 2482 | 0492 | 0.651 239 54 2 1853 3126 21319 ‘ 14800

a=30" 2015 0.370 0.439 239 54 2 16.01 2689 16987 ‘ 10600
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Model Pile Silty clay Medium weathered sandstone

Modulus of elasticity E (kPa) 35E+7 6E+3 4E+7
Poisson’s ratio v 03 033 022
Cohesion (kPa) - 30 500

Friction angle (deg.) [ - 25 41
Dilatancy angle (deg) - 125 2005
Unit weight y (KN/m*) [ - 195 25
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Piles supporting the Deck effect

abutments considered
K Inclined Yes
‘ 2 Inclined No
‘ 3 Vertical Yes
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Poisson’s ratio (v)

Bn 1184 035 359 05 23,9717 514 12
Ao, 1462 035 1188 | 05 35,4816 528 98
Ao, 1538 035 1292 05 39,029.8 | 205 151
Ac 167 035 1398 05 50,200.2 191 19.1
Asc [ 1863 | 035 1517 | 05 63,862.2 [ 48 [ 328

Ag 373 035 1742 05 292,170.9 - 41

Ns 4849 035 235 05 493,768.8 - 45




